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SUMMARY  

The state of Georgia is identified as a region with low-to-moderate seismic activity. 

Most bridges in the state have been designed to resist moderate earthquake loads. However, 

recent seismological studies performed for Georgia Department of Transportation (GDOT) 

have shown that there are a few bridge types that may warrant further review, depending 

on their dynamic characteristics, local soil conditions, and ground motion frequency 

contents. Three of the most common factors for the deficiency in performance in a possible 

seismic event arise from lap splice at column bases, inadequate transverse reinforcement 

configurations, and insufficient embedded length of piles into bents or pile-to-bent 

reinforcement development.  

In this study, the performance of representative bridges from different classes in 

Georgia is investigated to estimate their expected seismic behavior considering the latest 

AASHTO LRFD Design Specifications. The responses are compared with the previously 

used design practices in the Georgiaôs Bridge and Structure Design Manual. Different cases 

of lap splice lengths, seismic and non-seismic spacing, and seismic and non-seismic pile 

bents are compared by the means of nonlinear time history analyses. Probabilistic analysis 

is accomplished through analyzing these bridges under a suite of 48 ground motions to 

compare the component capacity against the imposed demand of the columns and piles. 

Seismic damage risk estimates computed through the probabilistic analyses for different 

seismic site classes and for different regions in the state are used to make important 

recommendations on the bridges to be built in the future.  
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CHAPTER 1. INTRODUCTION  

1.1 Problem Description 

The seismic provisions were introduced in the AASHTO LRFD Bridge Design 

Specifications after several bridges built before 1970s suffered severe damage and 

collapse. These bridges were unable to withstand even earthquakes of modern intensities 

due to inadequate seismic capacity of concrete columns. While earthquakes are considered 

primarily a west coast problem, geologists have observed ongoing tectonism in 

southeastern region as well (Biryol et al., 2016). In fact, the southeastern US has seen some 

of the biggest earthquakes in the history, e.g. the New Madrid earthquake, the Charleston 

earthquake, etc. Because Georgia lies in the vicinity of this active seismic region, a low-

to-moderate seismic hazard is identified in the state. Recent studies have shown that 

seismic risk in Georgia, even though low, can impose significant demands on some bridges 

depending on their dynamic characteristics (Hite, 2007). This led to the adoption of seismic 

provisions of AASTHO LRFD Design Specifications (2014) into Georgiaôs Bridge and 

Structures Design Manual (GDOT, 2017). With this regard, there is a considerable need to 

evaluate the seismic performance and associated damage risk of Georgiaôs previously built 

highway bridges. Studying the impact of the latest developments in the LRFD 

Specifications on these structures allows the identification of what developments are 

resolving the issue, what interventions can be improved upon, and what new developments 

may need to be made. 

The latest AASHTO LRFD Design Specifications (2014) recognize the seismic 

hazard return period to be equal to 1000 years instead of previously adopted return period 
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of 500 years which has resulted in a shift of boundaries of seismic performance zones. 

According to the latest code, the upper boundary for spectral acceleration (at 1.0 second) 

for Seismic Zone I is 0.15 as opposed to 0.10 in the previous AASTHO Specifications 

(2011). The code has special seismic design requirements defined for Seismic Zones II, III 

and IV, however, the change in the spectral acceleration boundaries has led to some 

ambiguity regarding the lap splice and transverse detailing requirements for Seismic Zone 

I when the spectral acceleration is between 0.10 and 0.15. 

Lap splices are an essential part of reinforced concrete structures as they help to 

maintain the continuity between the structural members. In the past, it has been customary 

to provide lap splices at the bottom of the bridge columns to maintain continuity of the 

connection with the foundations. During earthquake events, column connections with other 

bridge components, such as foundations and bent caps, are subjected to significant 

moments that lead to tensile stresses in the longitudinal reinforcement. If a lap splice is 

present at these locations, it results in splitting bond failure due to stiffness degradation and 

low deformation capacity (Jaradat, McLean, and Marsh, 1998; Lin and Hawkins, 1996). 

Furthermore, inadequate lap splice length complemented with widely spaced transverse 

reinforcement worsens the seismic performance of these columns. Adequate transverse 

confinement is necessary to develop a bond between longitudinal bars and surrounding 

concrete, so that the transfer of force between the two spliced bars happens effectively. 

Previous research has shown that the lack of adequate transverse reinforcement leads to 

low flexural strength, low shear strength and low ductility, which results in a higher 

damage risk. 
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In the recent decades, seismic fragility curves have been used extensively to evaluate 

the damage risk associated with bridge components and the structure as a whole (J. B. 

Mander and Basöz, 1999; Nielson, 2005; B. Nielson and DesRoches, 2007; Ghosh and 

Padgett, 2010). Fragility curves depict the conditional probability of a structural component 

reaching or exceeding a limit state given the intensity measure of the earthquake. Ranging 

from rudimentary to hybrid methods, researchers have developed several ways to quantify 

the vulnerability of structures. Analytical fragility curves are utilized in this study to assess 

the impact of latest AASHTO Design Specifications on highway bridges in Georgia. These 

curves are used to estimate the associated seismic damage risk as a function of seismic 

hazard levels in various regions in the state.   

1.2 Objectives and Scope of Research 

The goal of the research is to evaluate the seismic performance and fragility of 

existing multi-span highway bridge classes in Georgia considering the latest AASTHO 

LRFD seismic design provisions. Based on the results, the study aims to provide 

recommendations to Georgia Department of Transportation (GDOT) about lap splice 

requirements and seismic detailing for multi-span bridges to be built in future.  

The following are the specific tasks that will be completed in this research: 

1. Review commonly used detailing practices in Bridge and Structures Design Manual 

(GDOT, 2017) in the current design codes and compare them with the latest seismic design 

provisions in AASHTO LRFD Design Specification (2014). 
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2. Complete a literature review on the previous research done on lap splices; develop 

a stress-strain curve for the lap spliced section based on the truss-based force transfer 

mechanism model to evaluate its impact on columns. 

3. Develop seismic hazard maps and design response spectra for various regions in 

the state of Georgia to estimate the expected peak ground accelerations in these regions.  

4. Develop three-dimensional analytical models of selected multi-span bridges by 

carefully studying the bridge plans and incorporating the previously developed lap splice 

models to assess their seismic performance. 

5. Perform deterministic seismic analysis considering the current practices used in 

Georgia and the latest AASHTO LRFD to assess the performance differences between the 

two design codes. 

6. Generate probabilistic seismic demand models and fragility curves as a function of 

lap splice length and transverse reinforcement spacing to estimate the associated seismic 

damage risk. 

7. Provide recommendations to Georgia Department of Transportation (GDOT) for 

the bridges to be built in future based on the obtained results. 

1.3 Thesis Outline 

The thesis is organized into 7 chapters: 

Chapter 2 presents an overview of past research conducted on lap splices highlighting 

the importance of providing adequate lap splice and transverse reinforcement especially in 
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columns in seismically active regions. Furthermore, this chapter also presents the stress-

strain formulation used to study the lap splice behavior and effects of various geometric 

parameters on the lap splice strength. 

Chapter 3 presents potential seismic hazard for Site Classes A, B, C, D and E in the 

state of Georgia. The state is divided into 6 regions based on the potential peak ground 

acceleration in these regions. This chapter further provides a brief overview of bridge 

inventory in the state of Georgia.  

Chapter 4 summarizes the mathematical framework employed to formulate the 

analytical fragility curves in the study, along with the limit state capacity and probabilistic 

seismic demand model definitions. 

Chapter 5 presents the characteristics of the representative bridge class for each of 

the three bridge classes, namely multi-span simply supported concrete girder bridges, 

multi-span continuous steel girder bridges and multi-span simply supported steel girder 

bridges, analyzed in the study. This chapter further explores the effect of lap splice and 

transverse reinforcement spacing on the columns and bearings of the bridge.  

Chapter 6 presents the seismic fragility curves for each of the bridge classes. It further 

evaluates the site-specific fragility damage risk estimates for columns to determine the 

appropriate lap splice and detailing requirement for various regions in the state of Georgia. 

Finally, Chapter 7 presents the key contributions of the research along with 

recommendations for the future work.  
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CHAPTER 2. LAP SPLICE FORMULATI ON AND 

PARAMETRIC STUDY  

Studies on lap splices began in the mid-1970s when several bridge columns suffered 

severe damage and collapse during moderate intensity earthquakes. Researchers conducted 

experimental tests to investigate the impact of lap splice lengths and transverse detailing 

on column strength and ductility. This chapter gives the summary of these studies and 

highlights the importance of providing splice lengths and transverse detailing on column 

strength and ductility. In the second section, the chapter presents a lap splice formulation 

that is used in for assessing the bridge fragility curves. Finally, a parametric study is 

presented to investigate the effect of variables that effect the strength of a lap spliced 

section. 

2.1 Introduction  

This study focusses on seismic evaluation of highway bridges located in the state of 

Georgia as most of these bridges were built with very little or no seismic considerations 

with typical deficiency characterized by presence of lap splice at the column bases and 

inadequate transverse reinforcement. Situated in a moderate intensity seismic activity 

region, old bridges in Georgia face a risk of partial or complete damage due in a possible 

earthquake event. 

The above-mentioned factors were identified as a threat to bridges built before 1970. 

The first instance of the need of the seismic detailing was recognized in the San Fernando 

earthquake. Despite being considered an earthquake of moderate intensity, it led to the 
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collapse of five freeways. More recent examples include the upper deck failure of the 

Cypress viaduct of Interstate 880 after the Loma Prieta Earthquake in 1989. As shown in 

Figure 2.1, the columns of the viaduct could not support the superstructure leading to the 

death of 42 people by falling roadway. Most of the other bridges collapsed in the Loma 

Prieta earthquake were constructed before 1971 and lacked seismic detailing requirements 

(Zhiqiang and Lee, 2009). 

 

Figure 2.1 ï Column Failure leading to Collapse of Substructure Collapse of 

Cypress Viaduct in Oakland, California. 

A similar type of failure was also identified in the 1995 Kobe earthquake in which a 

630m intermediate segment of the Hanshin Expressway supported by 18 circular columns 

failed as shown in Figure 2.2. Post-earthquake investigations revealed that poor transverse 

column reinforcement, improper anchorage of longitudinal reinforcement and lack of study 

of soil-structure interactions lead to overturning of the complete bridge in the transverse 

direction (Mylonakis et. al., 2006). It was also found that the longitudinal reinforcement 

bars joined together using butt welding at the base of the columns lacked flexural strength 

which was a cause of failure. 
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Figure 2.2(a) Figure 2.2(b) 

Figure 2.2 ï Overturning Failure of Bridge Segment on Hanshin Expressway due to 

Inadequate Transverse Reinforcement, Improper Longitudinal Reinforcement 

Anchorage and Soil-Structure Interactions. 

 The substructure for any bridge plays an important role in transferring all types of 

loads imposed on the bridge to the ground. Failure of seismically inadequate columns has 

led to severe damage or collapse of bridges in the past. This warrants a detailed review of 

column detailing in Georgia to make columns and bridges safer.   

2.2 Literature Review 

The earliest experimental research was conducted by Orangun, Jirsa, and Breen 

(1977) who developed an empirical design equation for development and lap splice length 

in terms of steel stress, concrete strength, bar diameter, concrete cover, and transverse 

reinforcement. This equation was later adopted into the 1989 ACI Building Codes. Later, 
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these equations were revised by experimental tests carried out by Sozen and Moehle 

(1990). 

In the same decade, Cairns and Arthur (1979) carried out an experimental test in 

which they evaluated responses from 51 columns with smooth and roughened longitudinal 

bars under lateral cyclic loading. The most important conclusion from this research was 

that lap spliced sections in tension and compression have significantly different responses. 

Furthermore, they revealed that the columns with roughened bars performed significantly 

better than the columns with smooth bars. 

Studies by Paulay et. al. (1981) revealed the importance of confinement by transverse 

reinforcement in spliced column sections. They performed experimental tests on 12 

specimens and found that despite of insufficient lap splice length, well-confined columns 

could develop tensile yield stress in the longitudinal reinforcement and maintain their 

lateral load capacity up to high displacement ductility of about 4. 

 Lynn et. al. (1996) investigated the impact of longitudinal reinforcement ratio and 

transverse spacing on lap-spliced columns from the pre-1970s. The test specimens included 

eight 18 inch square columns out of which five had continuous reinforcement and three has 

lap splices at the bottom of the columns. These columns were subjected to reversed cyclic 

lateral displacements under a vertical load. The findings of the research revealed that the 

columns with a low reinforcement ratio subjected to low axial stresses showed a ductile 

response with a displacement ductility up to 4.2, however, ultimately the columns with a 

lap splice failed in shear due to cracks developed along the lap splice. On the other hand, 
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the columns subjected to high axial stresses showed brittle failure irrespective of the 

presence of a lap splice shorty after reaching he yield strength. 

Melek and Wallace (2004) also conducted a similar study to examine the effects of 

lap-splices on short columns through experimental tests. The columns in their experiments 

were subjected to lateral cyclic loading while under axial compression as shown in Figure 

2.3. Their findings revealed that inadequate confining reinforcement led to bond 

deterioration between reinforcement bars and surrounding concrete. This led to steep 

degradation in the strength of columns at lateral drift ratios of 1.0% to 1.5%. Later, Cho 

and Pincheira (2004) proposed an analytical modelling approach using different bond slip 

relationships to match the experimental results by Melek and Wallace (2004). 

 

Figure 2.3 ï Test Setup Used by Melek and Wallace (2004) for Lateral Cyclic 

Loading of Columns. 

Another study to investigate the effect of lap splices on beams was conducted by 

Harajli et. al. (2005). They evaluated the stress strain relationship based on the bond-slip 

behavior between steel and concrete when the beams were subjected to four-point flexural 

test with the lap splice in the middle. In a similar study, Wu et al. (2013) conducted a 
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similar study on lap-spliced beam sections with enamel coated reinforcing bars and found 

that enamel coating increases the bond strength of deformed rebars in normal strength 

concrete.  

Recently, studies have also been conducted to evaluate the response of lap spliced 

sections in high strength concrete members (Hamad and Najjar 2002; El-Azab, Mohamed, 

and Farahat 2014; Mabrouk and Mounir 2017). These studies show a similar response as 

earlier ones and highlight the importance of adequate lap splice lengths and transverse 

detailing for better column performance. While all these studies mostly focus on the 

strength evaluation in the lap splice sections, several studies have been carried out to 

improve the strength of lap spliced columns and beams through steel and FRP jacketing 

(Aboutaha et al. 1996; Biskinis and Fardis 2007; M. H. Harajli and Dagher 2008) 

All these studies reveal a significant need of adequate lap splice length and transverse 

detailing to better the response of columns under lateral cyclic loading. The objective of 

this study is to assess these details for previously built highway bridges in Georgia and 

compare them with the latest AASHTO Design Specifications by the means of fragility 

curves. 

2.3 Lap Splice Formulation 

Force transfer phenomenon in a lap-spliced section follows a complex mechanism, 

however, simplifications have been made based on basic mechanistic principles to simulate 

its behavior. Traditionally, two mechanisms have been used to model this behavior: bond 

mechanism and truss mechanism (Hannewald, 2013). In a structural member, both 
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mechanisms act together, however, for modelling purposes, it is fair to assume that either 

of the mechanisms dominates. 

The basic principle of the bond mechanism follows that the lugs on the 

reinforcement bar exert a bearing force on the surrounding concrete at an angle. The 

component of this force parallel to the axis of the rebar causes shearing stress in the 

concrete, and the normal component of this force exerts a radial stress on concrete causing 

splitting of concrete. When the resultant stress exceeds the tensile capacity of concrete, 

concrete is no longer able to take the bearing force exerted by reinforcement lugs and 

hence, failure of the section occurs. 

On the other hand, in the truss mechanism, a simple truss model is used to calculate 

the force transfer between the lap-spliced bars and surrounding concrete. Priestley (1996) 

proposed the truss system methodology to model the approximate response of the 

longitudinal reinforcement in a lap-spliced section in tension. Tariverdilo et. al (2009) used 

the truss mechanism model to evaluate the fragility functions for reinforced concrete (RC) 

frames with lap spliced columns and matched the results with the experimental work done 

by Aboutaha et al. (1996) and Melek et al. (2004). They concluded that the truss model 

adequately captures the maximum strength and post peak softening behavior of spliced 

sections. Canbay et al. (2005) suggested a similar approach to evaluate the lap splice 

behavior, however, their model also included some empirical factors. The model used in 

this study is purely based on theory and identical to model suggested by Priestley (1996). 

Figure 2.4 represents the stress-strain model behavior the truss system to model the 

approximate response of the lap-spliced bars. In this model, the lap splice section reaches 
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the maximum peak strength Ὢȟ  until the surrounding concrete splits up. At this point, 

the section experiences a steep softening behavior due to splitting of surrounding concrete 

until it reaches the point of constant frictional stress Ὢ developed across the failure 

interface. The corresponding strain values are ‐ and ‐, respectively. 

 

Figure 2.4 ï Stress-Strain Curve for Lap Splice Model 

The truss analogy assumes development of a uniform compressive field across the 

spliced bars at an angle approximately equal to 45°. The concrete surrounding the lap splice 

acts as compression struts to transfer the load between the bars. The mechanism considers 

the lap-splice failure by considering the formation of fracture surfaces perpendicular to the 

column surface to allow the relative movement between bars. Thus, with each longitudinal 

bar, an associated characteristic concrete block, as depicted in Figure 2.5, of length equal 

to the lap-splice length ὰ and perimeter ὴ is assumed to contribute to the splice strength. 

The perimeter ὴ of the characteristic concrete block for rectangular and circular 

column cross-section can be calculated as follows: 
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where ί is the center-to-center spacing between the longitudinal bars, Ὠ is the diameter 

of the longitudinal bars and c is the clear concrete cover. On the other hand, for a circular 

column cross-section, the perimeter of the characteristic block can be written as: 

 
ὴ
“Ὀ

ςὲ
ςὨ ὧ ςЍς Ὠ ὧ (2) 

where ὲ is the number of evenly distributed longitudinal around the core of diameter Ὀ of 

the column. MacKay (1989) concluded that the confined concrete did not add much to the 

lap-splice strength in the case cyclic loading, hence, the derivation ignores the strength 

contribution due the confined concrete to the lap-splice section. 

  

(a) (b) 

Figure 2.5 ï Fictitious Characteristic Block for (a) Circular and (b) Square Column. 

  Thus, satisfying the equilibrium of the free body diagram of the system, the 

maximum force Ὕ in the longitudinal reinforcement bar can be expressed in terms of 

concrete tensile strength Ὢ as follows: 
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  Ὕ ὃ Ὢ Ὢ ὴὰ (3) 

Once the lap-splice section reaches its maximum stress capacity Ὢ, the stress drops 

down to a constant value of residual stress Ὢ. The residual stress can be calculated by the 

shear-friction concept by estimating the shear force contribution by the transverse 

reinforcement crossing the cracked plane as follows: 

  ‘ὲὲὃὪ ὲὃὪ (4) 

where ὲ denotes the number of transverse reinforcement legs perpendicular to the cracked 

plane, ὲ the number of transverse reinforcement bars crossing the cracked plane, ὃ  is the 

crack surface area, Ὢ is the yield strength of the transverse reinforcement, ὲ is the number 

of longitudinal rebars in the tension side of the column. 

The strain can be taken equal to the elastic yield strain of the bar, however, 

Tariverdilo (2009) assumed an additional slip displacement ό equal to 1 mm (= 0.0393ôô) 

at yield point that must be added to the elastic strain. This additional displacement is 

assumed to occur due to the bar slip over a fictitious length ὰ. It must be noted that this 

length is different lap splice length. Tariverdilo (2009) evaluated the impact of lap splice 

of risk estimated of reinforced concrete columns assuming that the slip occurs over a length 

equal to the depth of the column section. Thus, the total strain at the peak stress as be 

written as: 

 
 ‐

Ὢ

Ὁ

ό

ὰ
 (5) 
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where Ὁ is the elastic modulus of the rebar.  

At residual stress Ὢ, the strain ‐ is calculated by assuming a slip ό equal to 10 mm 

(= 0.3937 in.) that is approximately equal to the lug distance on the bar and can be written 

as: 

  ‐
ό

ὰ
 (6) 

2.4 Effects of variables on Splice Strength 

 It is observed from the equations discussed in Section 2.3 that the lap splice strength 

is a function of several variables such as lap splice length, column cross-section, 

reinforcement ratio, etc. Therefore, it is desirable to investigate the impact of these 

variables on the lap splice strength. The following subsections present a parametric study 

on the strength of the lap splice due to each of these variables. To isolate the effect of one 

variable, other variables are kept constant and equal to the most commonly used values in 

Georgia bridge columns.  

2.4.1 Effect of Lap Splice Length  

An adequate lap splice length is required to transfer the force from one rebar to 

another in a spliced section. While most of the experimental tests on lap splice lengths 

show that it has an important role to play in the splice strength, Paulay (1982) stated that 

increasing length of a lap splice in columns in case of cyclic loading is of very little benefit 

because of  the ñunzippingò effect. Despite the plethora of research on the impact of lap 

splices, there is no clear agreement between the relation of the lap splice length and column 
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capacity. In this study, this relation is investigated purely through the theoretical point of 

view.  

From Equation 3, it is observed that the maximum stress developed in the lap splice 

is directly proportional to its length from the theoretical point of view. In the present study, 

the effect of length of the spliced section is evaluated for the range of commonly used 

splice spacing in the state of Georgia. From the inventory analysis, it is discovered that the 

old highway bridge columns in Georgia used lap splices as short as 4.5ôô. However, the 

most commonly used lap splice lengths are 6.5ôô and 9ôô. Figure 2.6 shows the stress-stress 

plot for these two lap splice lengths for a typical bridge column layout used in Georgia. 

This column has a height of 18ô and cross-sectional dimensions 3ô by 3ô. The transverse 

reinforcement is equal to 12ôô. 

 

Figure 2.6 ï Lap Splice Stress-Strain Plot for Commonly Used Splice Lengths of 6.5 

ft. and 9 ft. in Georgia. 

Figure 2.7 also shows the impact of the lap splice lengths ranging from 4ô to 14ô on 

the peak stress and residual stress of the lap splice of the same column. It is interesting to 

note that the peak stress is not affected by change in length of the spliced section. On the 

other hand, the residual stress shows a steep increase as the length of the lap splice 
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increases. For this column configuration, it is observed that the residual strength of the 

spliced section matches the peak strength at about the lap splice length of 11ô. 

 

Figure 2.7 ï Effect of Change in Lap Splice Length on Peak and Residual Stress of 

Spliced Section. 

 

2.4.2 Effect of Transverse Reinforcement 

 Hamad et al. (2002) have documented the effects of transverse reinforcement on 

spliced section through experimental tests. Their research revealed that presence of 

adequate transverse reinforcement helped to reduce splitting of cracks along the lap splice 

length, hence, improved the ductility of columns significantly. This is in agreement with 

the findings of many other researchers who performed experimental results to assess the 

effect of confinement on lap splices (Abdel-Kareem and Abousafa 2013; Mabrouk and 

Mounir 2017).  

Adequate transverse reinforcement spacing not only helps to confine the core 

concrete in a structural member but also allows the lap splice section to develop enough 

shear friction after its strength goes past the peak strength. This effect depends on the type 
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(such as hoops, spiral, or ties) and shape (such as circular, square, or rectangular) of 

confining transverse reinforcement. To model the effect of confinement on concrete, a 

widely-accepted stress-strain model of concrete formulated by Mander et. al. (1988) has 

been used in this study. On the other hand, the effect of confinement on the post-peak lap 

splice strength is evaluated using Equation 4.  

Before the introduction of AASHTO Seismic Design Specifications (2014) in the 

GDOT manual, the most commonly used reinforcement spacing for Georgia bridge 

columns was 12ò. However, the latest seismic design provisions suggest that the transverse 

spacing shall not exceed one-quarter of the minimum member dimension or 4.0 in. center-

to-center. In the present study, the effect of transverse reinforcement spacing is studied for 

the lap splice length of 6.5ô. The column reinforcement detailing for this case is same that 

was in Section 2.4.1. 

 

Figure 2.8 ï Lap Splice Stress-Strain Plot for Commonly Used Transverse Spacing 

of 12 in Georgia. 

Figure 2.9 depicts the effect of transverse spacing on the lap splice behavior. Same 

as the effect of the lap splice length, the peak strength is not affected by the change in 

transverse reinforcement spacing. On the other hand, there is the residual strength of the 
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lap splice drops considerably as the transverse reinforcement spacing is more than about 

5.5ôô for this cross-section.  

 

Figure 2.9 ï Effect of Change in Transverse Reinforcement Spacing on Peak and 

Residual Stress of Spliced Section. 

2.4.3 Effect of Steel Yield Strength 

According to Equation 4, the steel yield strength plays an important role in 

development of the bond between the steel rebars and surrounding concrete. The steel 

strength governs the level of forces that can be transferred through the steel-concrete 

interface in a spliced section. Moreover, the stress-strain curve of the steel reinforcement 

also governs the bond slip and strength characteristics which can lead to splitting and shear 

failures.  

The commonly used longitudinal steel rebars in Georgia bridge columns have yield 

strengths of either 40 ksi and 60 ksi. Figure _ shows the variation of stress and strain for s 
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Figure 2.10 ï Lap Splice Stress-Strain Plot for Commonly Used Steels in Georgia. 

Figure 2.11 shows the effect of this parameter on the peak and residual stresses of 

the lap spliced section. The plot reveals that both parameters show a steep increase with 

the increase of steel strength.  

 

Figure 2.11 ï Effect of Change in Steel Yield Strength on Peak and Residual Stress 

of Spliced Section. 

2.4.4 Effect of Rebar Diameter 

In addition to the yield strength, the diameter of the reinforcement bars also affects 

the stress-strain curve of a spliced section. The ratio of cross-sectional to surface area of 

the rebar is directly proportional to the diameter of the rebar. This ratio is impacts the bond 

stress concentration of in the rebar. 
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The most commonly used rebar size for Georgia bridge is #11. Figure 2.12 shows 

the stress-strain curve for a typical Georgia column when 12 equally spaced #11 rebars are 

used as longitudinal reinforcement. 

 

Figure 2.12 ï Lap Splice Stress-Strain Plot for Commonly Used #11 Rebar in 

Georgia. 

Additionally, Figure 2.13 shows the effect of the rebar diameter on the lap splice. 

As can be observed from the figure, larger diameters are not a good choice for spliced 

sections as there is a steep reduction in residual stress which could lead to ductility 

degradation of the structural member. The steep reduction in the post peak strength is due 

to larger bond stress concentrations resulting from greater cross-section area to surface area 

ratio for larger diameter rebars.  
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Figure 2.13 ï Effect of Change in Longitudinal Rebar Diameter on Peak and 

Residual Stress of Spliced Section. 

  



 24 

CHAPTER 3. GEORGIA SEISMIC HAZA RD MAPS AND 

BRIDGE INVENTORY ANALYSIS  

In order to assess the impact of the LRFD Seismic Bridge Design Specifications in 

Georgia, itôs important to determine the potential hazard associated with earthquakes in 

different parts of the state. Seismic Design Response Spectra and Seismic maps based on 

five site classes from A through E are developed in this chapter. Additionally, a thorough 

understanding of the bridge inventory is essential to determine the important bridge types 

to conduct the further analysis of the research. This chapter provides an analysis of the 

bridge inventory for the state of Georgia, based on the National Bridge Inspection (NBI) 

database and specific bridge plans provided by the Georgia Department of Transportation 

(GDOT).  

3.1 Georgia Design Response Spectrum 

 Natural hazards can impose severe demands on any type of structures. U.S. 

Geological Survey reveals that at least 40% of the highway bridges can be expected to have 

a possibility of damage due to earthquakes during their service life. Hence, design codes 

and specifications are constantly revised and updated to incorporate any new information 

that is gained from experience, research, etc. Bridges should have considerable ductility 

and deformability to resist earthquake forces. With the idea of performance-based 

earthquake engineering (PBEE), the latest AASHTO LRFD Design Specifications (2014) 

recommend that bridges should be designed using displacement-based rather than force-

based procedures. PBEE methodology aims at assuring that a desired level of structural 
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performance with definable levels of reliability is achieved when it is subjected to various 

levels of seismic input. The performance of the structure is measured in terms of 

Engineering demand parameters (EDPs) like curvature ductility, displacement, drift ratio, 

etc. In this study, such EDPs are employed to measure the damage of various components 

of the bridge. 

Bridges that are in accordance with the LRFD provisions are expected to resist low 

to moderate seismic loads within the elastic range. In an event of high seismic loads, 

bridges are designed to suffer significant damages, however, they should have a low 

probability of collapse. Keeping this performance objective in consideration, seismic 

hazard is defined based on a 1000-year design return period earthquake which corresponds 

to 7% probability of exceedance in 75 years. 

 The AASHTO LRFD specification (2014) states that the seismic hazard at a 

location shall be characterized based on the acceleration spectrum of the location and 

relevant site factors. There are two procedures for determination of the acceleration 

spectrum given in the code: a) General Procedure, b) Site-Specific Procedure. The 

specification lists four conditions as to when the Site-Specific procedure shall be followed, 

however, because this study focusses on an overall study analysis of bridges across the 

state of Georgia, hence, the general procedure is followed. 

 The General Procedure uses the peak ground acceleration coefficient ὖὋὃ, short-

period spectral acceleration ὛὛ, and long-period spectral acceleration Ὓρ to establish the 

design spectral acceleration curve. These coefficients can be obtained from the seismic 

design hazard maps developed by United States Geological Survey (USGS) for the 2007 
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AASHTO specifications. For the state of Georgia, the maps for obtaining the ground 

acceleration coefficient, short-period and long period accelerations are shown in Figure 

3.1. It must be noted that these coefficients are only valid for rock site conditions (Site 

Class B) which is taken as the reference site class in the specification. Different site class 

adjustment factors are provided to account for the effects of other site classes. All these 

coefficients are in accordance with performance based on 1000-year return period and keep 

in consideration the performance based design objectives as stated earlier.  

 

Figure 3.1(a) 

 

Figure 3.1(b) 

 

 

Figure 3.1(c) 

Figure 3.1 ï Map of Georgia Depicting Contour L ines for Seismic Site Class B for 

(a) Horizontal Peak Ground Acceleration (PGA) Coefficient; (b) Horizontal 
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Response Spectral Acceleration Coefficient at Period 0.2 Seconds (SS); and (c) 

Horizontal Response Spectral Acceleration Coefficient at Period 1.0 Second (S1) 

(AASHTO, 2014). 

The type of surrounding soil can have a significant impact on the forces that are 

transmitted to a structure. To incorporate the site conditions, the specification classifies a 

site as A through F as per the site class definitions. These site class definitions are based 

on the type of soil and average shear wave for the upper 100 ft. of the soil profile. Site 

adjustment factors  Ὂ   (for ὖὋὃ) in Table 3-1, Ὂ (for Ὓ) in Table 3-2 and Ὂ (for Ὓ) in 

Table 3-3, are used to determine the site-specific acceleration spectrum coefficients ὃ,  

Ὓ  and Ὓ , respectively. These coefficients are then used to plot the design spectral 

acceleration curve for a region as per Figure 3.2. 

 

Figure 3.2 ï Design Response Spectrum (AASHTO, 2014) 
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Table 3-1 ï Values of Site Factor, FPGA, at Zero Period on Acceleration Spectrum 

(AASHTO, 2014). 

Site 

Class 

Peak Ground Acceleration Coefficient (PGA) 

PGA < 

0.10 

PGA = 

0.20 

PGA = 

0.30 

PGA = 

0.40 

PGA 

=0.50 

A 0.8 0.8 0.8 0.8 0.8 

B 1.0 1.0 1.0 1.0 1.0 

C 1.2 1.2 1.1 1.0 1.0 

D 1.6 1.4 1.2 1.1 1.0 

E 2.5 1.7 1.2 0.9 0.9 

 

Table 3-2 ï Values of Site Factor, Fa, for Short Period Range of Acceleration 

Spectrum (AASHTO, 2014). 

Site Class 
Spectral Acceleration Coefficient at Period 0.2 second 

SS < 0.25 SS = 0.50 SS = 0.75 SS = 1.00 SS > 1.25 

A 0.8 0.8 0.8 0.8 0.8 

B 1.0 1.0 1.0 1.0 1.0 

C 1.2 1.2 1.1 1.0 1.0 

D 1.6 1.4 1.2 1.1 1.0 

E 2.5 1.7 1.2 0.9 0.9 

 

Table 3-3 ï Values of Site Factor, Fv, for Long Period Range of Acceleration 

Spectrum (AASHTO, 2014). 

Site Class 
Spectral Acceleration Coefficient at Period 1.0 second 

S1 < 0.10 S1 = 0.20 S1 = 0.30 S1 = 0.40 S1 > 0.50 

A 0.8 0.8 0.8 0.8 0.8 

B 1.0 1.0 1.0 1.0 1.0 

C 1.7 1.6 1.5 1.4 1.3 

D 2.4 2.0 1.8 1.6 1.5 

E 3.5 3.2 2.8 2.4 2.4 
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In the present study, Site Classes A to E are studied and the design response spectra 

for these site classes, as obtained by utilizing the above-mentioned coefficients, are shown 

in Figure 3.3. All the site classes but Site Class F are considered because of unavailability 

of soil properties data for Georgia. The reason for exclusion of Site Class F is that it requires 

site-specific investigations to determine the influence of the local site conditions on the 

structure. Thus, it requires the site-specific procedure to determine the design acceleration 

response spectrum.  

 

Figure 3.3 ï Georgia Design Response Spectra for Site Classes A, B, C, D and E. 

 

To estimate the seismic vulnerability of highway bridges in Georgia, an appropriate 

suite of ground motions is essential. Due to unavailability of ground motion records, past 

researchers have used artificially generated ground motions to study Central and South-

eastern United States (CSUS). Nielson (2005) used Rix and Fernandez (Rix and Fernandez-

Leon, 2004) ground motion suites to determine seismic vulnerability of highway bridges 

in Central and South-eastern United States (CSUS). Because Georgia falls under CSUS 

region, a suite of 48 Rix and Fernandez ground motions are used to assess the seismic 
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vulnerability of bridges in this study. Figure 3.4 shows a plot of the spectral acceleration 

values for a range of structural time periods obtained from these 48 ground motions. 

 

Figure 3.4 ï Spectral Acceleration Plot for a Range of Time Periods for the 48 Rix 

and Fernandez Ground Motion Suite. 

3.1.1 Seismic Zones 

 As performance is the main criteria to be followed while designing a bridge using 

PBEE methodology, the code suggests to classify the region under study into seismic 

zones. While designing a bridge for earthquake effects, these zones help the designer to 

determine the type of analysis, detailing requirements, etc. to be used for the bridge. The 

greater the zone number, the more rigorous should the design be. Table 3-4 shows the 

boundaries that are used to define these zones; these boundaries are based on the design 

spectral acceleration coefficient at 1-second, Ὓ . Although the LRFD code specifies only 

4 zones, Zone 1 is subdivided into two subzones, Zone 1-A and 1-B, for the sake of this 

study based on the recommendations by GDOT. 
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Table 3-4 ï Seismic Zone Boundaries. 

Seismic Zone Acceleration Coefficient Range 

1-A  Ὓ πȢρπ 

1-B πȢρπ Ὓ πȢρυ 

2 πȢρυ Ὓ πȢσπ 

3 πȢσπ Ὓ πȢυπ 

4 Ὓ πȢυπ 

 It must be noted that these zone definitions are based on Ὓ , hence they incorporate 

the local seismic and site effects. Therefore, a site on a rock site conditions might fall under 

a different seismic zone than a nearby site that has soft soil conditions. This concept is 

elaborated in the next section which presents the seismic zone maps for all the site classes 

for Georgia. 

3.2 Georgia Site-Specific Seismic Hazard Maps 

Seismic hazard maps are helpful to determine the predicted level of ground motion 

excitation for a region in consideration. In the present study, the state of Georgia is divided 

into 6 regions, as shown in Figure 2.4, based on the expected maximum peak ground 

acceleration (PGA) intensity. The northern region of the state is most susceptible to higher 

intensity earthquakes because of its proximity to South Carolina which has a rich history 

of seismic activity.  
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Figure 3.5 ï The Map of Georgia Showing Six Zones Considered in the Study. 

3.2.1 Site Class A Seismic Hazard Map 

 Site Class A is characterized by very hard rock site conditions where the average 

shear seismic wave velocity is greater than 5,000 ft./sec. The seismic hazard map for this 

site class for Georgia is shown in Figure 3.6. The maximum earthquake intensity level for 

Site Class A is 0.13 g. Hard rocky sites result in large attenuation distances and allow 

earthquake waves to spread over a vast region depending on the its intensity, however, the 

seismic intensity is the lowest compared to the other site classes. Because of the low 

seismic hazard level, the whole state falls under seismic zone 1-A. 

 

Figure 3.6 ï Georgia Seismic Hazard Map for Site Class A 
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3.2.2 Site Class B Seismic Hazard Map 

 Site Class B is characterized by relatively softer rock site conditions than Site Class 

A with an average seismic wave velocity between 2,500 and 5,000 ft./sec. As Shown in  

Figure 3.7, the whole state falls under Seismic Zone 1-A and doesnôt require consideration 

of rigorous seismic structural analysis for design. The maximum PGA for Site Class B is 

0.16 g. 

 

Figure 3.7 ï Georgia Seismic Hazard Map for Site Class B 

 

3.2.3 Site Class C Seismic Hazard Map 

 Site Class C is characterized by very dense soil or rock where the average shear 

wave velocity ranges from 600 to 1200 ft./sec. The maximum PGA range for different 

regions for this site class is 0.05g to 0.19g. As depicted in Figure 3.8, Regions 1 and 2 fall 

in Seismic Zone 1-B for Site Class C, whereas the rest of the state still falls in Seismic 

Zone 1-A. 
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Figure 3.8 ï Georgia Seismic Hazard Map for Site Class C 

 

3.2.4 Site Class D Seismic Hazard Map 

Site Class D has softer site class conditions compared to Site Class C leading to 

amplification of seismic waves and is characterized by average shear velocity less than 600 

ft./sec. Figure 3.9 shows the seismic hazard map for Georgia for Site Class D. The Seismic 

Zone intensity increases from south to north of the state with maximum PGA equal to 0.24 

g. 

 

Figure 3.9 ï Georgia Seismic Hazard Map for Site Class D 
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3.2.5 Site Class E Seismic Hazard Map 

 Site Class E site conditions are known to be highly reactive to seismic ground 

motions. The soil composition at these sites mainly consists of clayey or other type of soft 

soils. Such soils are very susceptible to high moisture changes which allow amplification 

of the ground motion. The seismic hazard map for Georgia for Site Class E is shown in 

Figure 3.10. Most of the state falls under Seismic Zone 2 for this site class with the 

maximum PGA being 0.35 g in Region 1. 

 

Figure 3.10 ï Georgia Seismic Hazard Map for Site Class E 

 

3.3 Georgia Highway Bridge Inventory Analysis 

The ideal way to assess the vulnerability of bridges would be to model each bridge 

and obtain the fragility curve of the bridge. However, due to complexity of this approach, 

it is recommended  to group bridges into various classes. Nielson (2005) used this approach 

to classify bridges based on the type of construction and materials used in the bridges. The 

present study also makes use of such a classification. Itôs assumed that bridges falling in a 

bridge class behave in a similar way during an earthquake event. Therefore, fragility curves 

are generated for bridges classes rather than individual bridges. 
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The National Bridge Inventory (NBI) database, maintained by Federal Highway 

Association (FHWA), records the information about all the highway structures for every 

state in the US. The NBI database provides basic information of 15,122 highway structures in 

Georgia. Many of those structures are tunnels and culverts, which are assumed to represent 

a different type of system and therefore, not considered in this study. For the remaining 

9,514 bridges, a preliminary statistical distribution analysis using two key NBI fields 

(material and construction type) was performed to determine a more general classification 

of the inventory. Although detailed bridge characteristics must be studied from the 

individual bridge plans, the database provides important characteristics such as material 

type, dimensions, number of spans, skew angle, structural rating, etc. 

 Table 3-5 shows the distribution of bridges in Georgia based on the construction 

material type listed in NBI database (FHWA, 2002). The construction material used in 

Georgia is predominantly concrete, followed by steel. Similarly, Table 3-6 shows the 

distribution of bridges in Georgia based on construction types listed in NBI (FHWA, 2002). 
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Table 3-5 ï Georgia Highway Bridges Classified as per Their Construction Material 

(FHWA, 2002). 

Construction Materials Number of Bridges Percentage 

Concrete 3,227 33.9 

Concrete Continuous 124 1.3 

Steel 2,501 26.3 

Steel Continuous 1,101 11.6 

Prestressed Concrete 2,321 24.4 

Prestressed Concrete Continuous 116 1.2 

Wood or Timber 118 1.2 

Masonry 3 0.0 

Aluminium, Wrought Iron, or Cast Iron 1 0.0 

Other 2 0.0 

 

Table 3-6 ï Georgia Highway Bridges Classified as per Their Construction Type 

(FHWA 2002). 

Construction Type Number of Bridges Percentage 

Slab 1,135 11.9 

Stringer/Multi-beam or Girder 5,646 59.3 

Girder and Floor Beam System 63 0.7 

Tee Beam 2,123 22.3 

Box Beam or Girders ï Multiple 230 2.4 

Box Beam or Girders ï Single or Spread 131 1.4 

Frame (Culverts Excluded) 24 0.3 

Truss ï Thru 51 0.5 

Arch ï Deck 55 0.6 

Others 95 0.6 
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 After careful examination of the NBI database, all the bridges in Georgia are 

assigned one of seven bridge classes based as given in Table 3-7. It is assumed that the 

bridges grouped in these classes would have similar responses to seismic excitation. Multi -

span simply supported concrete bridge class is the most common bridge class in Georgia 

and represents about 41.03% bridges in the state. As this study focusses on impact of 

seismic transverse spacing and lap splices in bridge columns, only multi-span bridges have 

been considered hereafter.  

Table 3-7 ï Georgia Bridge Classes and Their Proportions (FHWA 2002). 

Bridge Class Abbreviation Number Percentage 

Multi -Span Continuous Steel Girder MSC Steel 1,065 11.9 

Multi -Span Simply Supported Concrete 

Girder 

MSSS 

Concrete 
3,904 41.03 

Multi -Span Simply Supported Steel Girder MSSS Steel 1,516 15.93 

Multi -Span Simply Supported Slab MSSS Slab 951 10.00 

Single-Span Concrete Girder SS Concrete 362 3.80 

Single-Span Steel Girder SS Steel 721 7.58 

Other Other 995 10.46 

 

3.3.1 Bridge Class Statistics 

With the bridge classes defined, an examination of key bridge characteristics is 

necessary to select a representative bridge from each bridge class. Although the NBI 

database provides the basic bridge characteristics for bridges, detailed information of the 

representative bridge from each bridge class is obtained by carefully studying the bridge 

plans. This step is necessary to generate accurate finite element models of bridges. The 

following characteristics, obtained from the NBI database, provide an insight into typical 

geometric configuration of bridges in each bridge class: 
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¶ Number of spans (presented in Table 3-8) 

¶ Maximum span length (presented in Table 3-9) 

¶ Deck width (presented in Table 3-10) 

¶ Minimum vertical clearance (presented in Table 3-11) 

 The mode for most of the bridge classes in Georgia is 3. Hence, to be compare the 

results across the bridge classes, all the bridge classes in this study consider only 3 span 

bridges for each bridge class. Other parameters are chosen as close as close to the median 

values of the bridge class depending on the availability of bridge plans. 

Table 3-8 ï Span Number Statistics for Four Bridge Classes Considered. 

Bridge Class Mean 
Standard 

Deviation 
Median Maximum Minimum Mode 

MSC Steel 4.57 3.72 4 41 2 4  

MSSS Concrete 5.17 4.49 4 89 2 3  

MSSS Steel 3.97 2.27 3 40 2 3  

MSSS Slab 5.95 4.16 5 56 2 3  

 

Table 3-9 ï Maximum Span Length Statistics for Four Bridge Classes. 

Bridge Class Mean 
Standard 

Deviation 
Median Maximum Minimum Mode 

MSC Steel 82.22 45.87 83 280 10 27 

MSSS Concrete 56.16 30.98 40 187 12 40 

MSSS Steel 56.68 28.64 55 252 9 16 

MSSS Slab 20.56 5.22 20 88 12 20 
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Table 3-10 ï Deck Width Statistics for Four Bridge Classes. 

Bridge Class Mean 
Standard 

Deviation 
Median Maximum Minimum Mode 

MSC Steel 48.96 31.50 34.70 221.20 10.60 34.00 

MSSS Concrete 47.18 25.47 41.30 522.40 12.40 41.30 

MSSS Steel 47.28 33.89 34.30 220.10 8.00 25.20 

MSSS Slab 28.12 6.69 25.80 96.00 12.00 25.20 

 

Table 3-11 ï Minimum Vertical Deck Width Statistics for Four Bridge Classes. 

Bridge Class Mean 
Standard 

Deviation 
Median Maximum Minimum Mode 

MSC Steel 17.62 3.10 16.11 42.09 10.06 16.07 

MSSS Concrete 20.48 5.27 19.06 75.01 0.99 16.07 

MSSS Steel 18.95 3.70 17.06 43.10 10.08 16.05 

MSSS Slab 17.46 3.90 18.07 23.02 10.05 16.05 
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CHAPTER 4. OVERVIEW OF FRAGILIT Y CURVES 

In recent decades, fragility curves have become an important statistical tool to 

quantify the potential damage in a structure due to hazards. The first section of this chapter 

presents the general formulation used in this study to develop the fragility curves.   

4.1 Analytical Fragility Curve Formulation  

A fragility function Ὂ represents the probability of the demand meeting or exceeding 

a predefined capacity damage state given the intensity measure of the hazard. 

Mathematically, the fragility function can be expressed as in terms of conditional 

probability as: 

 Ὂ ὖὈ ὅ πȿὍὓ ώ (7) 

where Ὀ is the demand of the structural component, ὅ is the capacity of the component, Ὅὓ 

is the intensity measure of the hazard and ώ is the realization of the hazard intensity. If 

fragility functions are calculated and plotted over a range of realizations of the chosen 

intensity measure, it yields a fragility curve. Figure 4.1 shows one such fragility curve 

obtained for a specified limit state. On the x axis, this curve represents the considered 

intensity measure and on the y axis, it shows the associated risk. The intensity measure 

used to evaluate the fragility function in this study is peak ground acceleration (PGA). 
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Figure 4.1 ï Typical Fragility Curve  

 In the past, researchers have mostly used the following three methods to formulate 

fragility curves: a) expert-based, b) empirical, and c) analytical fragility curves. These 

methods could be combined with one another to obtain more accurate fragility estimation. 

In fact, a multi-hazard risk analysis tool distributed by Federal Emergency Management 

Agency (FEMA) called HAZUS-MH uses this kind of a hybrid approach to determine 

hazard risk analysis of structures (FEMA 2003). Another way of obtaining more robust 

fragility functions is to use advanced statistical techniques like Bayesian updating to 

combine analytical results obtained from computer simulations and field inspection results. 

With advancement in structural health monitoring, such hybrid techniques are generally 

preferred for research purposes. 

Expert-based fragility curves were used to estimate the expected behavior of 

highway bridges in California due to data shortage (Rojahn and Sharpe, 1985). This method 

is not a popular method of quantifying the fragility functions anymore as there is a high 

level of uncertainty involved due to subjectivity of the procedure.  
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Empirical fragility curves rely on the post-hazard assessment of the structure to 

simulate the demand model. Many researchers used this methodology to formulate fragility 

functions after Loma Prieto and Northridge earthquakes (Basoz and Kiremidjian, 1999; 

Kiureghian, 2002; Shinozuka et. al., 2003). This method relies on evaluating fragility 

functions through collection of binary pass-fail data from experts for the failure of a 

structure after the hazard. One could argue that this method should be the most favored 

method of estimating damage risk because the damage risk is derived from the observations 

of the performance of the structure in real life. However, the major drawback of this method 

is that it requires an adequate number of structures from a bridge class to quantify the 

fragility functions. In practice, this data is limited. Moreover, as with the expert based 

method, there could be a high level of subjectivity in the post-hazard inspection data as 

well.  

With improvement in technology in the past couple of decades, analytical fragility 

curves have been the most popular way to formulate the fragility functions. When enough 

bridge inspection or ground motion data is not available, computer simulations are used to 

quantify the capacity and/or demand of the structure in consideration. Usually the capacity 

of the structural component is determined based on experimental tests or its geometric 

interpretation, whereas the demand imposed on the component during a hazard is computed 

through computer simulations. Building an accurate finite element model of the structure 

and selecting appropriate ground motions are some of the important steps involved in this 

method.  
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4.1.1 Component-Level Fragility Curves 

Analytical fragility approach is used to estimate the fragility functions for 

components. Due to various kinds of variabilities involved such as geometric, hazard, etc., 

the capacity and demand models are random variables, rather than deterministic numbers. 

If both component capacity and demand models are assumed to follow a lognormal 

distribution, by the application of the central limit theorem, Equation 7 can be expressed 

as a lognormal cumulative distribution function in terms of the parameters of the capacity 

and demand variables as follows: 

 
Ὂ ɮ

ÌÎὛȾὛ

‍ ‍
 (8) 

where Ὓ is the median parameter of the damage random variable,  ‍ is the lognormal 

standard deviation of the damage random variable, Ὓ is the median parameter of the 

capacity random variable and  ‍ is the lognormal standard deviation of the capacity 

random variable. All these parameters are defined at each intensity level for which damage 

fragility is to be determined. From Equation 8, it is observed that the parameters of the 

capacity and demand random variable are needed to estimate the fragility function. The 

techniques used to define these parameters in the function are described in following 

sections. 

4.1.2 System-Level Fragility Curves 

 Component level fragility curves can be helpful to determine the most vulnerable 

links in the overall system. They can also be used to determine appropriate retrofit 
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strategies and component life-cycle cost analysis; however, these curves do not provide 

any information about the vulnerability of the complete structure. One component could 

be more susceptible to a ground motion than the other when a complete structure is 

analyzed. To assess the vulnerability of the structure, the component level curves must be 

combined to derive the system level fragility curves. Under the assumption that the system 

behaves as a series system, wherein the failure of one component results in the failure of 

the whole system, these curves can be combined to determine the system-level 

vulnerability. This assumption has been used by many researchers in the past (Nielson, 

2005; Ghosh, 2013). Either closed form solution or numerical solution can be used to find 

the system fragility function depending on the number of components, complexity of the 

failure domains. 

 In this study, a numerical approach called Monte Carlo simulations is used to 

combine the component level fragility curves. This process involves generating ὔ random 

samples from both capacity and demand variable distributions. While generating the 

samples from the capacity side samples, the correlation between the limit states is assumed 

to be equal to 1 to ensure that the numerical samples from each limit states rank in the same 

order as the limit states are defined. On the other hand, while generating the samples from 

the demand side, correlations between the bridge components must be incorporated into 

sampling. After generating the samples, each sample from the demand and capacity side 

are paired with each other. The paired samples are compared one-to-one to evaluate the 

failure. If the sample from the limit state side is lesser than the sample from the demand 

side, the system is considered to have failed. Following this definition of failure, an 

indicator function is defined to track the number of failed sampled as follows: 
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Ὅ
ρ          ÉÆ ὼȟὼ  ɴ Ὂ

 
π          ÉÆ ὼȟὼ  ɵ Ὂ

 (9) 

where ὼ and ὼ are the realization of the ith and jth distributions and Ὂ  is defined by the ith 

and jth limit state. 

 The indicator function can now be evaluated at equal intervals of a reasonable range 

of the intensity measure. At each value of the intensity measure, the failure probability can 

be estimated as: 

 
ὖὒὛȿὍὓ ώ

В Ὅ

ὔ
 (10) 

 Itôs important to determine a reasonable number of samples to obtain an accurate 

probability of failure. The results from the sensitivity analysis of the variation of the failure 

probabilities plotted with respect to number of samples. It is observed that approximately 

150,000 samples are enough to stabilize the probability estimates.  

4.2 Limit States 

As stated in Section 4.1.1, limit state definitions are required to evaluate the fragility 

functions. In this study, the limit states of each component are based on either past 

experimental results or functional interpretation of the component. Engineering demand 

parameters (EDPs) such as displacement, curvature ductility, drift ratio, etc., have been 

used by researchers to define the limit states of columns. This is in accordance with the 

performance based seismic design philosophy in the latest AASHTO Design Specifications 
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(2014). These limit states are defined for 4 damage state levels: a) slight, b) moderate, c) 

extensive, and d) complete. Table 4-1 describes the definitions adopted for each limit state 

from HAZUS-MH (FEMA 2003). Each limit state is assumed to follow a lognormal 

distribution with the parameters of the distribution obtained from experimental data or past 

research. 

Table 4-1 ï HAZUSô Qualitative Limit States (FEMA, 2003). 

Limit State Description 

Slight Hairline cracking in columns, minor spalling at column 

faces, minor cracking in plastic hinge regions. 

Moderate Shear cracks in columns, formation of plastic hinges or 

buckling of longitudinal rebars indicating flexural failure, 

cracks exposing column core, pile cap damage. 

Extensive Shear failure of columns, flexural failure due to 

inadequate confinement, anchorage or lap splice, vertical 

pull of longitudinal reinforcement, ground displacement at 

column base. 

Complete Column collapse, vertical or lap splice failure. 

 

The following subsections provide the descriptions of these limit states for each 

bridge component considered in the study. Although in the real-life situation the limit states 

are expected to vary with the service life of a structure due to aging, corrosion deterioration, 

etc., such factors are not considered in this study. Therefore, the limit states are assumed 

to be constant throughout the service life of the bridge.  
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4.2.1 Columns 

Static pushover tests on columns can be used to determine the force-deflection 

curves and column damage in terms of EDPs. Since the curvature of a structural member 

is a property of a cross-section and is independent of the length of the member, the chosen 

EDP for this study is curvature ductility. The curvature ductility ‘ɲ of a structural member 

is defined as: 

 ‘ɲ
‖

‖
 (11) 

where ‖  is the maximum curvature observed in the column under seismic shaking, 

and ‖  is the column yield curvature. 

In the present study, the following three cases corresponding to non-seismic and 

spacing lap splice and transverse reinforcement requirements are considered: 

1. No Lap Splice with Non-Seismic Detailing: In this case, the lap splice is not 

provided at the base of the column and a non-seismic transverse reinforcement 

spacing of 12 in. is used. 

2. Lap Splice with Non-Seismic Detailing: In this case, the lap splice is provided at 

the base of the column with transverse reinforcement spacing equal 12 in.  

3. Lap Splice with Seismic Detailing: In this case, the lap splice is provided at the 

base of the column with transverse reinforcement spacing equal to 3 in. 

The moment-curvature ductility plots along with the corresponding column limit 

states for the above-mentioned three cases are shown in Figure 4.2. The column capacities 
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in terms curvature ductility are adopted from previous experimental test results (ChaiI et. 

al., 1991; Sun et. al., 1993; Lehman, 2000; Calderone, 2001; Melek and Wallace, 2004; 

Freytag, 2006) that characterize four different damage state levels: Slight, Moderate, 

Extensive, and Complete damage states. The slight damage state corresponds to the 

curvature ductility at the first point of yield in the longitudinal rebar. The moderate damage 

state corresponds to the spalling of cover concrete due to expansive force. The extensive 

limit state corresponds to the exposure of concrete core or yielding of transverse 

reinforcement, whichever happens first. The complete damage state corresponds to the lap 

splice failure in the case of the lap splice column, or otherwise, longitudinal rebar buckling 

in the no lap splice case. 

For the three cases of column seismic design considered in this study, the column 

limi t states are presented in Table 4-2. It is assumed that the reduction of transverse 

reinforcement does not affect the column capacity as much, hence, for the seismic and non-

seismic cases, the same limit state values have been assumed. 
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Figure 4.2 (a) Figure 4.2 (b) 

 

Figure 4.2 (c) 

Figure 4.2 ï Moment-Curvature Ductility C urves and Limit States for: (a) Column 

with No Lap Splice and Non-Seismic Transverse Detailing; (b) Column with Lap 

Splice and Non-Seismic Transverse Detailing; and (c) Column with Lap Splice and 

Seismic Transverse Detailing. 

 

Table 4-2 ï Limit State Median Values for Lap Spliced Column Sections. 

Case Description Slight Moderate Extensive Complete 

1 
No Lap Splice & Non-Seismic 

Detailing 
1.64 5.88 13.47 17.13 

2 
Lap Splice & Non-Seismic 

Detailing 
1.00 2.93 4.85 8.71 

3 Lap Splice & Seismic Detailing 1.64 5.88 13.47 17.13 
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4.3 Probabilistic Seismic Demand Model 

In addition to limit states, demand estimates are required to quantify the fragility 

functions of components. Probabilistic Seismic Demand Models (PSDMs) obtained from 

analytical seismic analyses of the structure are used for this purpose. PSDMs evaluate the 

peak structural demand of a component as a function of intensity of ground motions. In 

this study, the PSDM model is obtained from nonlinear time history analyses by running a 

suite of 48 ground motions to consider the uncertainty in the structural response. The data 

points for the peak demands of the components obtained from nonlinear time history and 

plotted against the value of peak ground accelerations (PGA) of that ground motion.  

Cornell et al. (2002) suggested a power function model relation to estimate the 

median demand from PSDM using the following relation: 

 ὉὈὖὥ Ὅὓ  (12) 

where a and b are, the coefficients obtained from the linear regression analysis of the 

model. To calculate these coefficients the demand model is transformed into the linear 

space by taking logarithm of both sides of Equation 12 to obtain the following equation: 

 ÌÎὉὈὖ ÌÎὥ ὦz ὰὲὍὓ (13) 

 As stated before, the demand variable is assumed to follow a lognormal distribution 

in the study, hence, it follows a normal distribution in the linear space, with a mean equal 

to zero and a constant stand deviation „.   
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CHAPTER 5. MODELING AND DETERMINISTIC  SEISMIC 

BRIDGE ANALYSES 

This chapter presents bridge characteristics and modeling details that are employed 

to generate three-dimensional finite element models of the representative bridge from each 

multi-span bridge class in Georgia considered in this study. These 3-D models are useful 

to evaluate the expected seismic performance of bridges. The lap splice model, as explained 

in Chapter _, is incorporated into the analytical bridge models to estimate to compare their 

expected seismic performance for different detailing cases. Column and bearing responses 

from deterministic bridge analyses performed using a single ground motion are studies to 

assess the performance degradation due to inadequate lap splice lengths and confining 

reinforcement. As described in CHAPTER 4, the analytical fragility curve methodology 

requires the demand parameters to be obtained from these analytical bridge models. The 

chapter further explains the seismic response of various bridge components obtained from 

a deterministic nonlinear time history analysis. 

5.1 Typical Highway Bridge Components 

 The typical bridge model used in this study was identified by Nielson (2005) who 

used conducted research on fragility functions for highway bridge in Central and South-

eastern United States (CSUS). The most important bridge components for a highway bridge 

are depicted in Figure 5.1 and can categorized into three categories as follows: 

¶ Superstructure: The components of a bridge that directly receive the live load 

comprise the superstructure. These components typically consist of bridge girders, 
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deck, parapet, etc. In this study, itôs assumed that the bridge superstructure remains 

within the linear range during an earthquake event, hence, itôs nonlinear properties 

are not considered. 

¶ Substructure: These are the components that support the bridge and transfer all the 

load from the superstructure and substructure to the surrounding soil. The 

substructure comprises of bent, columns, foundations and abutments. 

¶ Bearings: Bearings are mechanical devices that allow the interaction between 

substructure and superstructure so that the load from the superstructure can be 

transferred to the substructure. 

 

 

Figure 5.1 ï Typical Bridge Configuration 

The three dimensional analytical models are generated using open source finite 

element package OpenSees (Mazzoni et al. 2006).  This package is preferred for the study 

as it permits users a flexibility to generate components with a great degree of accuracy and 

to evaluate the response of bridge components in detail. The response at component-level 

is studied in transverse and longitudinal direction and combined using the square root of 

the sum of square roots technique (SRSS). The major components studied are columns and 
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bearings. The following subsections outline the model of the representative bridge for the 

four multi-span bridge classes. 

5.2 Deterministic Seismic Response 

Deterministic seismic analysis helps to determine the bridge response at the 

component level due to inclusion of a lap splice. The Rayleigh damping assumed for all 

the models is 5%. The deterministic response is evaluated using a single ground motion 

from Rix and Fernandez-Leon (2004) ground motions. Figure 5.2 depicts the acceleration-

time history plots of the selected ground motion. This ground motion has the maximum 

PGA of 0.36g and duration equal to about 13 seconds. This ground motion is chosen to 

simulate the effect of expected maximum PGA for Site Class E in Georgia which is equal 

to 0.35g. 

 

Figure 5.2 ï Acceleration-Time Plot for Rix Ground Motion Selected for 

Deterministic Bridge Analysis. 

5.2.1 Multi-Span Simply Supported Concrete Girder Bridge 

5.2.1.1 Superstructure 
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Multi -span simply supported concrete girder bridge class comprises about 41% of 

bridges in the state of Georgia. Figure 5.3 presents the basic geometric layout for the multi-

span simply supported concrete girder bridge. The bridge has 3 spans which are 67ô-6ôô, 

75ô and 67ô-6ôô long. The deck of the bridge is 43ô-11ôô wide and uses an 8ôô thick concrete 

slab supported by 5 AASHTO Type III PSC beam girders on Spans 1 and 2 and AASHTO 

Type II PSC beam girders on Span 3. The gaps present at the adjacent spans is 4ôô, whereas 

at the abutments, the gaps are equal to 2ôô. 

 

Figure 5.3 ï Multi -Span Simply Supported Concrete Girder Bridge Layout. 

 

5.2.1.2 Substructure 

The substructure is made of 37ô10ôô wide 2-column concrete bents. As illustrated 

in Figure 5.4, the bent beam has a square cross-section with an edge length of 3ô6ôô which 
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is supported by 3ô by 3ô square columns. The bent beam uses 5 equally spaced #11 bars on 

top and bottom edges and 3 equally spaced #5 bars on the side edges with a minimum clear 

concrete cover of 2ôô with #4 bars for transverse reinforcement spaced at a maximum 

distance of 12ôô. The two supporting columns for each bent have a center-to-center distance 

of 23ô8ôô and use reinforcement detailing of 12 #11 bars equally spaced rebars with a 

transverse reinforcement being #4 bars spaced at 12ôô. The average height of the columns 

is 26ô on average and the lap splice extends 9ô from the base of the column. The columns 

are supported by standard HP 14 × 73 steel H piles.  

 

Figure 5.4 ï Cross-Sectional Layout for Bent Beam and Column for Multi-Span 

Simply Supported Concrete Girder Bridge. 

 

5.2.1.3 Bearings 

Laminated elastomeric bearings are the most commonly used bearings for MSSS 

concrete bridge class. These bearings have a dowel bar embedded in the concrete bent 

which extends into the bridge girder as shown in Figure 5.5. The elastomeric pad is 

reinforced using steel plates that are placed in between the layers of elastomer to reduce 

bulging and shear strains in the pad. Although the steel layers increase the compressive and 

flexural stiffness of the bearing pad, however, there is no significant change in the shear 



 57 

stiffness (Roeder and Stanton, 1983). The behavior of these bearings is characterized by 

sliding of the girder over the elastomeric pad.  Initially, there exists a gap between the 

girder and dowel bar as illustrated in Figure 5.5. The friction between the elastomer and 

girder provides the initial stiffness for sliding until the movement is enough to fill the gap 

between the dowel bar and girder. At this point, the resistance to the sliding motion is 

provided by the combined action of the elastomeric pad and the dowel bar. 

 

Figure 5.5 ï Typical Layout of Elastomeric Bearing 

The initial stiffness provided by the elastomeric pad is modelled as elastic perfectly 

plastic material as shown in Figure 5.6(a). Choi (2002) proposed a formulation for 

calculating the initial stiffness Ὧ of the bearing as follows: 

 
Ὧ

Ὃὃ

Ὤ
 (14) 

where Ὃ is the shear modulus of the elastomer, ὃ is the area of the elastomeric pad, and Ὤ 

is the height of the bearing pad. The area and height of the elastomeric pad are dependent 

on the bearing configuration, and the shear modulus of the elastomer is taken as 131.57 

pounds/sq. in. 
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The frictional coefficient between the concrete girder and elastomeric pad governs 

the yield force that can be developed in the bearing pad. Experimental tests conducted on 

elastomeric bearings have revealed that the coefficient of friction is a function of the normal 

stress imposed by the superstructure on the bearing. Based on experimental tests, Scharge 

(1981) proposed an empirical formula to determine the frictional coefficient ‘ as follows: 

 
‘ πȢπυ

πȢτ

„
 (15) 

where „  is the normal stress on the bearing pad due to the superstructure. 

As the gap between the dowel bar and girder is filled, the dowel bar is engaged in 

the bearing sliding motion. The behavior of the dowel bars can be characterized as lateral 

force acting on a cantilever. Initially, when the dowel bar is in the elastic range, itôs 

assumed to behave linearly. Under moderate to high lateral loads, the bar follows a 

nonlinear pattern until the fracturing of the bars which leads to a sudden drop in the 

strength. Although the diameter of the dowel bars used for elastomeric bearings in Georgia 

is 1 1/4ôô, dowel bars in the present study are assumed to be 1ôô in diameter due to lack of 

research done on the response of dowel bars. Choi (2002) evaluated the response of 1ôô 

diameter dowel bars using an ABAQUS model. The stress-strain behavior of the dowel 

bar, as shown in Figure 5.6(b), used in the present study is taken from his work with the 

same stiffness values. 
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Figure 5.6(a) Figure 5.6(b) 

Figure 5.6 ï Stress-Strain Model Used for (a) Elastomeric Pad, and (b) Dowel Bar in 

the Elastomeric Bearing. 

5.2.1.4 Seismic Response 

The effect of lap splice and transverse reinforcement spacing on the main 

components of the bridge is analyses through the means of nonlinear time history analysis. 

Due to the presence of a lap splice at the base of the column, more demand is imposed on 

the bridge columns. The demand is further increased when the lap splice is provided with 

non-seismic column transverse spacing. This phenomenon is illustrated in Figure 5.7, 

which shows about 32% increase in the curvature demand when the lap splice is provided 

with non-seismic transverse reinforcement spacing and about 19% increase in the when the 

lap splice is provided with seismic transverse reinforcement spacing.  
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Figure 5.7 ï Curvature Demand on Column Base of MSSS Concrete Bridge. 

The comparative force-displacement curves for the fixed and expansion laminated 

elastomeric bearings in the bridge are shown in Figure 5.8. For the fixed bearings, the gap 

between the dowel bar and elastomeric pad is 0.12 inches. Figure 5.8(a) shows the change 

in stiffness of the force-displacement curve of the fixed elastomeric bearing due to 

engagement of the dowel bar. Similarly, for the expansion bearing, the gap is 1.0 inch as 

shown in Figure 5.8(b). The bearing response for all the three cases is similar because the 

chosen ground motion is not of a very high intensity. 
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Figure 5.8(a) 

 

Figure 5.8(b) 

Figure 5.8 ï Force-Displacement Curves for (a) Fixed (b) Expansion Laminated 

Elastomeric Bearings Used in MSSS Concrete Bridge. 

5.2.2 Multi-Span Continuous Steel Girder Bridge 

5.2.2.1 Superstructure 

 The next bridge class considered in the study was multi-span continuous type steel 

girder bridges. These bridges are about comprise about 11% bridges in Georgia. The basic 

geometric configuration for a representative bridge from this bridge class is shown in 

Figure 5.9. The bridge consists of 3 spans and is 36ô-10ôô wide. The span lengths for this 

bridge are 43ô, 67ô and 43ô. The deck is a composite steel deck supported by 5 wide flange 

steel girders. 
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Figure 5.9 ï Multi -Span Continuous Steel Girder Bridge Layout.  

5.2.2.2 Substructure 

 Like the previous bridge class, the substructure consists of 2-column bents. The 

average width of the bents is 43ô and the average height of the columns is 26ô. The columns 

are spaced at a distance of 20ô. The lap splice is present at the base of the column and has 

a length of 6.5ô. The cross-sectional layouts for the bent and column are shown in Figure 

5.10. The bent has a square cross-section with each side equal to 3ô and is reinforced with 

7 #11 bars each at the top and bottom edges and 2 #4 bars on each side. The shear 

reinforcement for the bents is provided by #5 bars are 12ôô spacing. Likewise, the column 

has a square cross-section with the edge length equal to 3ô. The column reinforcement 

consists of 12 #12 equally spaced bars and #4 stirrups spaced at 12ôô. 
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Figure 5.10 ï Cross-Sectional Layout for Bent Beam and Column for Multi-Span 

Continuous Steel Girder Bridge.  

5.2.2.3 Bearings 

Low-profile steel bearings are the second most commonly used bearings for steel 

bridges in Georgia. A prototype of low-profile bridge bearings is shown in Figure 5.11. 

These bearings are constructed by attaching a masonry plate to the top of the bent or 

abutment using anchor bolts and a sole plate underneath the girder. For fixed bearings, a 

curved sole plate and pintles are provided to restrict the translational movements while 

maintaining the rotational movement. On the other hand, for expansion bearings, no pintles 

are provided so that free translational movement is permitted to dissipate the energy.  

 

Figure 5.11 ï Typical Layout of Low-Profile Steel Fixed Bearing 

The study on analytical modelling of bridge steel bearings was initiated by Mander 

et al. (1996), however, the test apparatus used by them was not appropriate to simulate the 
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field conditions as the test bearings were mounted to steel assemblies to constrain the 

damage only to the pintles. This is in contrast with the field conditions where the masonry 

plate is attached to the concrete pedestal by the means of anchor bolts. Thus, failure 

mechanism of either the anchor bolt or pintle, whichever happens first could lead to the 

bearing failure. Based on this, Steelman et. al. (2013) considered two types of low-profile 

steel fixed bearings: weak anchor and weak pintles.  They investigated the cyclic response 

of these bearings through an improved test apparatus to formulate more accurate analytical 

models. For the representative MSC steel bridge in Georgia, the diameter of the anchor and 

pintle is equal to 1 in., however, the effective diameter of the anchor bolts is reduced to 

4/5th of the original diameter due to the thread adjustment factor. Due to this, the bearings 

used in Georgia are considered to be weak anchor bearings and the failure is governed by 

the rupturing of the anchor bolts.  

The fuse capacity ὠ  for steel bearings can be calculated as per the following 

equation (IDOT, 2009): 

ὠ ‰ὲπȢφὊὃ  

where ‰ is the strength reduction factor (equal to unity), ὲ is the number of shear transfer 

elements (equal to 2 as there are two anchors), Ὂ is the ultimate tensile strength of the 

material, ὃ  is the effective cross-sectional area of the shear element. 

 Along with the fusing action, the bearing interface provides resistance to the 

translational movement through frictional force. Like elastomeric bearings, frictional 

resistance is modeled as elastic perfectly plastic and is coupled with the anchor bolt 

backbone curve in parallel. 
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According to the latest AASTHO Specifications (2014), the use of steel bearings is 

recommended only as fixed bearings whereas expansion steel bearings have become 

obsolete. However, as the representative bridge is an old bridge, steel bearings have been 

used as expansion bearings too. The only difference between fixed and expansion bearing 

is that there are no pintles to restrict the translational movement in the latter. 

5.2.2.4 Seismic Response 

  Figure 5.12 shows the effect of the 9-ft. lap splice and transverse reinforcement 

spacing on the curvature demand imposed on the MSC steel girder bridge column. As the 

ground motion is of medium PGA intensity, the column response mostly remains in the 

linear range. A decrease in the moment capacity and increase in the curvature demand on 

the column can be observed from the figure when the lap splice is present at the base of the 

column. The increase in curvature is approximately 12.12% when non-seismic transverse 

spacing is provided and 3.93% when seismic reinforcement spacing is provided. 

 

Figure 5.12 ï Curvature Demand on Column Base of MSC Steel Girder Bridge. 

The force-displacement response for the fixed and expansion steel bearings for 

MSC steel girder bridge is shown in Figure 5.13(a) and Figure 5.13(b), respectively. 
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Similar to the previous bridge class, the bearing responses are very similar. The force-

displacement response for both types of bearings stays in the linear range which indicates 

that there was no rupture in either pintles or anchors. 

 

Figure 5.13(a) 

 

Figure 5.13(b) 

Figure 5.13 ï Force Force-Displacement Curves for (a) Fixed (b) Expansion Steel 

Bearings Used in MSC Steel Girder Bridge. 

 

5.2.3 Multi-Span Simply Supported Steel Girder Bridge 

5.2.3.1 Superstructure 

 The next bridge class considered in the study was MSSS steel girder. The general 

layout for the representative bridge in this bridge class is shown in Figure 5.14. Compared 

to the previous two bridge classes, this bridge has a wider deck. The deck spans 62ô6ôô in 

the transverse direction and is supported by 9 steel girders. The side spans of the bridge are 

37ô2ôô long whereas the main span is 67ô3ôô long. 
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Figure 5.14 ï Multi -Span Simply Supported Steel Girder Bridge Layout. 

5.2.3.2 Substructure 

 The substructure for this bridge is supported by two 3-column bents. Due to a wider 

deck, the width of the deck is 59ô and the average height of the 3 columns is 13ô. The bent 

cross-section is a rectangular cross-section with width equal to 3ô and depth equal to 3ô6ôô. 

The bent is reinforced with 14 #11 bars on the top and bottom edges and 2 #6 bars on the 

side edges. The shear reinforcement comprises #5 bars spaced at 12ôô with a clear concrete 

cover of 2ôô. Figure 5.15 depicts the column cross-section which is a square with the edge 

length equal to 3ô. The column section is reinforced with 8 equally spaced #11 bars with 

#4 bars providing the shear reinforcement at 12ôô spacing. Although the actual lap splice 

length in the plans for this bridge is equal to 4.25ôô, the lap splice length is taken equal to 
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6.5ôô. This is done because currently GDOT doesnôt construct bridges with such short lap 

splice lengths. 

 

Figure 5.15 ï Cross-Sectional Layout for Bent Beam and Column for Multi-Span 

Simply Supported Steel Girder Bridge.  

5.2.3.3 Bearings 

 As stated in Section 5.2.2.3, the commonly used bearing for steel bridges in Georgia 

is low profile steel bearings. This bridge class uses the same type of bearing, as well. 

Currently, GDOT does not use  

5.2.3.4 Seismic Response  

 

Figure 5.16 ï Curvature Demand on Column Base of MSSS Steel Girder Bridge. 
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For the MSSS steel bridge, there is more displacement demand imposed compared 

to the MSC steel bridge. This could be due to the more inertial mass in the superstructure 

of the MSSS steel bridge. Due to this, the anchor bolt of the fixed bearing fails at 

displacement approximately equal to 0.4 inches for all the three cases as shown in Figure 

5.17(a). After the rupture of the anchor bolt, the bearing response is governed by the friction 

between the bent and masonry plate. As shown in Figure 5.17(b), the displacement 

response for the expansion steel bearings is governed by friction only as there is no anchor 

bolt contributing to the stiffness. 

 

Figure 5.17(a) 

 

Figure 5.17(b) 

Figure 5.17 - Force-Displacement Curves for (a) Fixed (b) Expansion Steel Bearings 

Used in MSSS Steel Girder Bridge.  
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CHAPTER 6. SITE-SPECIFIC FRAGIL ITY  CURVES 

With the objective of assessing demands imposed on different bridge components, 

this chapter presents PSDMs for multi-highway bridge classes in Georgia. These curves 

are generated based on nonlinear dynamic analyses under a number of ground motions as 

a function of peak ground acceleration (PGA) and seismic detailing requirements. 

Furthermore, fragility curves at component- and system-level for these bridges are 

presented in the next subsection. Based on these curves, site-specific seismic damage risk 

is evaluated for Seismic Classes A, B, C, D and E. 

6.1 PSDMs for Multi -Span Highway Bridges 

As discussed in Section 4.3, Probabilistic Seismic Demand Models (PSDMs) are 

generated for columns based on the maximum curvature ductility demands on them. A 

suite of 48 ground motions are used to assess the demand quantity of interest. PSDMs for 

various classes of bridges are plotted in Figure 6.1 ï Probabilistic Seismic Demand Models 

(PSDMs) for Column Curvature Ductility Demand for (a) MSSS Concrete Bridge, (b) 

MSC Steel Girder Bridge, and (c) MSSS Steel Girder Bridge. PSDMs are plotted on a log-

log scale with the demand variable on the y-axis and intensity measure on the x-axis. The 

PSDMs reveal the deficiency in seismic performance for all the three bridge classes when 

the logarithm of PGA is greater than -2. 



 71 

  

Figure 6.1 (a) Figure 6.1 (b) 

 

Figure 6.1 (c) 

Figure 6.1 ï Probabilistic Seismic Demand Models (PSDMs) for Column Curvature 

Ductility Demand for (a) MSSS Concrete Bridge, (b) MSC Steel Girder Bridge, and 

(c) MSSS Steel Girder Bridge 

 

6.2 Seismic Fragility Curves and Site Specific Risk Estimates 

The following subsections present the column seismic fragility curves for the four 

limit states considered in this study. These curves are presented for three cases for 

transverse spacing and lap splice: 1) no lap splice, 2) lap splice at the bottom of the column 

with a non-seismic transverse spacing (12 in. spacing), and 3) lap splice at the bottom of 

the column with a non-seismic transverse spacing (3 in. spacing). 




























































