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xii

SUMMARY

" This investigation was made to study the load-carrying charac-
teristics of drilled-in piers in decomposed rock with particular

emphasis on the development of sgkin friction forces. Seven 18-inch

diameter, straight shaft, instrumented test piers were installed in
weathered rock to investigate the load distribution pattern throughout

the length of the copcrete piers.

- The teést site is located in Atlanta, Georgia, which lies in the
Piedmont Physiographic Province of the eastern United States. The test

piers were installed in heterogeneous weathered rock consisting of

silty sands and sandy silts with stringers of less weathered rock. The

parent material for the weathered rock is predominately gneiss, but had
frequentgintrusions of quarfz seams and bther rock types throughout.
The average standard penetration resistance was found to be approxi-
mately 27 blows per foof to a depth of 55 feet. The ground water table
was found to be approximately 28 feet beloﬁ the_ground surface.

Four of the piers %ested were designed and constructed to
develop their ultimate capacity in a combination of skin friction and
end bearing. Two of thgse pierg were 15 feet and the other two were
22 feet long. The remaining three piers were 20 feet long and were
constructed to develop their ultimate capaéity thrqugh skin friction
alene, Two of the friction piers were tested with axial compféséife
forces and the remaihing pier was tested in tension to determine the

uplift capacity of a straight shaft drilled pier.
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xiii

The review of literature indicates the lack of agreement betweén
previous investigations and illustrates the many ﬁariables involved in ¥
the determination of the load carrying capacity and settlement relation-
ships for deep foundations. The available theoretical and field test
results are compared to the results obtained from prototype testing of -

drilled piers in decomposed rock and to those from an axisymmetric

elastic finite element compute% solution. N " ]

The manner in which the load was transferred from the drilled
piers to the surrouhding soil.was investigated by the use of AS-9 con-
crete embedment strain gages placed at various locations in the open
shaft prior to concreting. From these measurements the rate and amount
of load transfer can bé'calculated for a particular load when thé load
at one of the gages is known., The load difference was used to deter-
mine the average shear stress along the circumference of the circular
shaft, a portion of which is directly rélated t; the lateral earfh b
pressure. Once the lateral earth pressure was calcuiated, the lateral

earth pressuve coefficient was computed using the soil strength values

determined from laboratory testing. The coefficient of lateral earth
pressure was found to véry considerably throughout the length of the
pier and was a function of applied load, number of loading éycles, mag-

nitude of lcad during a load cycle, previous stress history and length

of each pier. The average value of the coefficient of lateral earth
pressure was found to decrease rapidly with depth and to be approxi-
mately inversely proporticnal to the square of the depth of embedment.

These values for the coefficient of lateral earth pressure were checked
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using a finite element computer program for an elastic material. The
computer results showed éimilar variations for the qoefficient of
lateral earth pressure fof stress levels in the elastic range.

The load tests performed for this study indicated that 80 per
cent of the load, at approximately the ultimate pier capacity, or
impending failure, is carried by skin friction. The finite element
program and the review of literature shows that the percentage of the

ultimate load carried by skin friction increases with depth to a:cer-

tain point and then remains approximately constant. The results of the

finite element analysis showed also that in the elastic range 80 per
cent or more of the applied lecad was carried by skin friction for depth
to diameter ratios greater than five., The results of the field tests
and computer study shoﬁ'that the percentage of load capried by the base
of the pier is a funection oflthe pier geometry and deformation charac-

teristics of the soil and pier. The base load is also influenced by

the previous loading history of the pier and settlement characteristics

of the soil directly beneath the pier.

This study showed that the settlement of drilled piers is a
function of applied load, geometry and material properties. Most sig-
nificantly, it was determiped that pier settlement.may be estimated if

the ultimate and working loads are known for piers in weathered rock.

‘The amount of settlement at the failure load for the field tests was |

less than 0.25 inches in all cases.
The field results indicate that piers deriving their load

carrying capacity by a combination skin friction and end bearing do
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not settle as much as piers deriving their load carrying capacity from
skin friction alone. This study indicated that the bottom bearing.
capacity of small diameter piers could not be.predicted adeQuately with
existing theories since the bottom probably could not be cleaned proper-
ly in the 18-inch shafts priér to concreting.

The data obtained from this study was compared to_pfevious
research and a design procedure was established for determining thé
ultimate load carrying cabacity and settlement of drilled-in piers in

weathered rock. The design procedure for determining the ultimate

 capacity utilizes a field test procedure to determine the limiting

average coefficient of lateral earth pressure and neglects the end
béaring capacity for small diameter piers, which cannot be cleaﬁed
properly. Design curves are presented to correct for different length
piers. The settlemenf is then computed utilizing the curves presented.
The curves for the analysis of settlement are also compared to load
deformation curves from drilled piefs in bther soils to estaﬁiish a

more general criteria.
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CHAPTER 1
INTRODUCTION

A drilled-in pier may be defined as a deep foundation which per-

- mits carrying a load imposed by a structure to firmer materials at some

deﬁth below tﬁe surface without displacing the soil duping construction.
The use of piers is.é reiatively new method.of constructing foundations.
Probabiy the first use 6f piers, also termed caissﬁns or Chicago Wells,
was for fhe Chicage Stock Exchange in 1894 (l)*. The design and con-
struction of these éiers was accomplished by General Scoy Smifﬁ'using
manual methods similar to those used at that time for well construction.
For this reason this type of foundation was originally called-excavation

wells. ''Caissons" are what the'laborers used to ¢all this kind of

foundation and that term is still used today to denote a pier foundation |

which retains its casing after placement of the concrete,

At that time a caisson was defined as a foundation in which a
shell, box or casing waé placed into the ground as excavatioﬁ pro-
ceeded (2). The method of.constructing these caissons involved digging

a hole with minimum diameter of four feet and placing sheeting as soon

as five feet four inches had been excavated below the previous sheeting.

The method of constructing caissons, described above, is now called the

: Numbers in parentheses and underlined refer to references given
in the Bibliography.
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Chicago Method and is éssentiaily the same method used by'General Sooy
Smith. The Gow Caiéson, originéted in Boston by Charles R; Gow, is
similar to the Chicago caisson except that a telescoping steel shell

is used instead of wdod lagging (3). Both Gow and Chicago caissdns may
be constructed with an enlarged base, called a bell, which resembles a
truncated cone. Manual methods were employed for construction of both
the Gow and Chicago caissons. For this reason they had to be large
enough to accommodate at ieast one person., At the same time, the cais-
son had to be kept free of water. In most cases this limited-the.deﬁth
of excavation to the ﬁater fable in permeable soils and to several feet
below the water table when dewatering methods were not used in less
permeable soils.

Since the advent of mechanical construction equipment, several
other types of caissons have developed. For very large structures,
such as bridges,.the foundations may be bﬁilt above ground and then
sunk through the soft overlying socils by.excavating the soil to form a
hollow interior. The weight of the strﬁcture itself causes the éinking
when the interior material haé been excavated. This type of'fpundation
is known by several names which vary according to the conditions during

construction. A pneumatic caisson is cne in which air pressure is used

" to keep the interior of the prefabricated structure dry to permit men

and equipment to excavate the interior secil. When a caisson is Placed 
entirely in water by this method it is called. a floating caisson.. A
floating caisson may be excavated under water by clam shell buckets or

cleaned out in the dry using men and wachinery by continually pumping
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out the water or by keeping out the water with increased air pressure.
Fleoating and/or pneumatic caissons have heen constructed in many parts
of the world (cf., 4, 5, 6, 7, 8, 9, 10, 11).

A foundation similar to the floating caisson éan bé installed
completely on land. This is done by erecting the exterior strucfural
walls (foundation_walls).as the interior soil material is excavated,
causing the structure to sink into the ground. The slip forming mefﬁod_
of constructing reinforced concrete has led to the successful applica~
tion of this type of caisson construction in Eurépe and Asia (}2)_52).

Recent innovations in construction equipment have led to the
development of two other types of caissons. A Benoto caisson is con-
'structéd by forecing a steei shell into the ground with a combination of
steady downward pressure and back and forth rotation about the caisson's
longitudinal axis. When the shell has partially or comﬁletely pene-
trated intp the ground the interior soil.is.removed by an orange peel
bucket (14). A drilled-in pier is formed by rotating a cork screw
type auger blade into the groﬁnd. .When the auger blades become.filled
with the soil, the auger is lifted completely out of the ground and
rotated at a high speed to remove the loose soil, 1In cases where the
80il cannoct be remoVed'by rapid rotatidn,_the auger is ¢leaned by a '
laborer. Drilled piers are excavated in this manner to the'desired,
depth or until auger refusal is reached. A steel casing may be
temporarily.placed in the hole to prevent collapse of the sides or
left uncased, depending on the s0il conditions and the depth of the

hole. With either the Benoto caisson or drilled pier the bottom may




enlarged to form a bell, or a socket may be cut iﬁto fhe underlying
rock either manually or by special machinery.

The caissoﬁ and pier types of foundations have developed into a
commenly used method of transmitting the structural load to a material
capable of supporting the foundation loads, since its introduction in
the late 19th century. The Brief description above has shown the ﬁain
types.of caissons and similar foundations which afe in use today. The
i . innovation of mechanical equipment has increased the popularity of
cdisson and pier foundations and has made them an economic foundation
alternative in many iﬁstandes.

i? Since the beginning of the 20th century the trend has been to

make buildings higher, insteader of wider, because of the cost of land

and the lack of large areas in metropolitan centers. These larger
buildings impose greater loads than ever before on the foundation.
Fewer caissons or piers can be used to'éupport these large superstruc-
ture loads.than conventional piling. Caissons and piers offer many
added advantages: They may be inspected at the bottom to visuaily
determine the bearing material. Théy can be constructed manually in

locations where vertical clearance is limited. They can also he con-

structed without any damaging ground vibrations with mechanical augering
equipment. Caissons and piers are used to tpansit superstructure loads
to a more desirable stfata to reduce settlement, increase bearing.
capacity, or reduce the effect of swelling soils.

.The drilled pier type of fqun@ation has been used throughout the

h world for a variety of purposes. Although they are used chiefly to ' :
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support the load of a superstructure rvesting upon them they have also

been successfully used for anchors for tie back bracing systems (15,

16), excavation retaining walls (17) and spikes or keys to halt earth

movement (18). |
Although the drilled pier is commonly used in many ways, its
primary purpose is to support the structure. In areas wheré there.are
unusual or undesirable soil conditions, such as those found in the ﬁ
- Atlanta area, the drilled pier provides a dependable, econcmic way to
support the heaviest of structures. - - m

Soil and Foundation Conditions in the Atlanta Area

Atlanta is located in the southern Piedmont geologid and physi-
ographic region. The Piedmont region is a broad strip extending from
central Alabama across Georgia, the Carolinas, énd Virginia, and taper-

ing out to an end in the vicinity of Baltimeore and Philadelphia (19).
The entire region is underlain by crystalline rocks formed by the
metamorphism of igneous rdcks and ancient sediments. Igneous rocks
have repeatedly intruded the metamorphosed schists'and gneisses, pro-
ducing an "injectioﬁ complex™ (gg); The intfuded igneous rocks ‘are
generally granites, amphibolites and diabases which tyﬁically form
bands 300 feet or greatef in width (19). In most cases the intruded

| rocks;formrvery irregular patterns in the parent rock. Because of the
EF metamorphism and igneous injection, the rock minerals'éré separéte&
into narrow bands which have been contorted by various geologic pro-

I " cesses which include faulting and folding.
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The séils in the Piedmont area are generally formed by the
inplace weathering of the rock complex or by the depositiqn of materials
eroded from higher elevations. The mild climate and high annual rain-
fall cause chemical weathering to proceea at a high rate. Chemical
weathering is'inteﬁsified by the many faults and fissures in the rock
which permit the water to easily percalate along these discontinuities
below the ground surface., The indigineous rock is extremely variable
in compesition due to intrusicns, -and has often left resistant dykes
or stringers surrounded by a residual soil matrix of silty sand, or
sandy silt.

The soil in the Atlanta area is generally less weathered at
greater depths except for the stringers of materials which resist
weathering. A generai s0il profile consists of three zones distinguished
by the degree of weathering, with the two uppermost zones.being com-
pletely weathered rock which are now discrete particles. The uppermost

zone has undergone the most complete weathering with the soils in the

uppermost zone being generally red sandy silts that are quite stiff

because of leaching and dessication. Below this zone the soils are not
completely weathered, as indicated by zones of partially decomposed
feldspars and micas. The lower most zone is the 1east.weafhered'of
the soiis before competent rdck is encﬁuntered. In this zone frequent
stringers and lenses of_resistant-rock, such as quartizite,-are“fbund
in a matrix of softer dgcomposed rock which has weathered ipto a sandy

silt or silty sand.




Foundations for structures can be placed in any of these zones
or on competent rock. The ;oads from light structures may be placed
on the ﬁppermost zone, ﬁhich is usually dessicated; but resulting
settlement of the underlying compressible sandy silt layer.may cause
damage to the structure, The soil in the middle zone may be used to
supporf very light structures. The soil in this zone can be quite
variable, weak and compressible which may lead to harmful differential
settlement for heavier structures. Heavier structures are usually
supported by deep foundations which derive their support from the par-
tially weathered zone or bear directly on bedrock. In Atlanta, the
partially weathered zone or bedrock may be found at the surface but is
generally at some variable depth below the surface.

Since the soil and bedrock in the Atlanta area is quite variable,
drilled piers are often used to carry the superstructure loads to a
competent material. The scund bedrock in the Atlanta area is very
strong, and an allowable bearing stress of 100 KSP is not uncommon for
this materialf In many instances it is, however, necessary to éut
through partially weathered and fractured rock before rocklof sufficient
quality is reached., This material cannof always be excavated with the
auger, or even with diffefent rock bits which ha#e been developed, but-
must in many instances be excavated by hand with or_wifhout the use(of
explosives. |

Different tyﬁes of piles can also be used to support heavy
strucfures, but it is impossiblear;n_most-cases, fo be certain that

these piles are not bearing on a“thin resistant stringer of hard rock.
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With the drilled pier and caisson type of foundations the bottom
material and the material below can be inspectéd to assure that end
bearing is not obtained on an isclated resistant dyke.

In the Atlanta area drilled piers are customarily designed-to
carry the ultimate load in end bearing on the inherently strong bedrock.
The use of skin friction alone to support drilled piers has been made
only occasionally in the Atlanta area (gg). Drilled piers, supported
primarily by skin friction, have been used in other locations in the
Piedmont geologic region (21, 73) and on the west cﬁast of the United
States (23, 24).

The particular type of caisson most commonly constructed in the
Atlanta area is called a drilled pier, If can be constructed most
economically if the work is done by machine augefing, using manual.labor
only to clean the auger trimmings from the bottom of the pier.

The purpose of this thesis is to évaluafe the ﬁombined capacity
of a drilled pier in skin friction and end bearing and to formulate a
desipn procedure for drilled piers in the weathered rock zone imﬁled.ia‘tely
above bedrock, Particular emphasis is placed on the way. the load is
transferred from the pier to the soil as the pier ié loaded to its |
ultimate capacity. The load distribution pattern and total capécity
will be compared to theorétical results and past research for other
soils since there has not been any previous work on_thislsubject for
soils in the Piedmont region.

The results.will also be compared with.an elastic.finife element

computer solution which is used to extend the field test results to
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include length and diameters other than those tested as part of the
field testing program for this thesis. The elastic finite element
computer program also enables the elastic soil properties to be varied.
This permits the lcad carrying capacity of piers tolbe'estimafed for
other soils.

The load distribution pattern was.investigated using electric
strain gages placed in the concrete. As the drilled piers were loaded
up to failure with a hydraulic jack the strain gages were read at
certain time intervals fop each load. Testing in this manner, both the
ultimate-ioad—carrying capacity and vertical stress distribution pat-
terns were obtained. Using the vertical stress distribution pattern
it is possible to determine the amount of load transferred to the soil
through skin friction at each load level. This permits the evaluation
of the skin friction capacity of a drilled pier in weathered rock.

This thesis presents the r-esults.of seven load tests on proto-
type drilled piers iﬁ weathered rock. The results are compared with -
existing thecretical solutions and a proqedure iz recommended tb predict
the ultimate_capacify and short term settlement of drilled piérs in
weathered rock. The available theories and the elastic finite element
computer solution will bé used to extend the design procedure to drilled
piefs having lengths and diameters different from those tésted as part

of this thesis.
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CHAPTER II
REVIEW OF LITERATURE

- Introduction

Contractors and engineers have been using various types of open '
shaft deep foundations, including drilled piers to support heavy
structures for the past.70 years. The increased use of drilled piers
has fostered an increase in the amount of research being done to deter-
mine their ultimate capacity. . Unfortunately, very little of this
research has been done in saprolitic soils such as those found in the
Atlanta area.

Little work has been\performed to evaluate the distribution of
the shearing stress along the sides of drilled piers. Some of the
research (29, 36) has consisted of measuriﬁg the bottom load and the
load applied to the top of the pier being tested. The difference
between these two loaﬁs is then the load transmitted to thé s0il
through skin friction. Tests to evéiuate skin friction capacity have
also been performed in.whiéh end bearing was not possible because.ﬁf
some compressible material such as sawdust_, steelwool _a,n'd miner'al wéol
which was placed in|the ground before pouring the pier (21, 23).

Fricticnal resistance of drilled piers has been estimated when
the ultimate bottom |load was predicted from plate load tésté at the
base level (25). Th'{is ultimate ]Sotto;n lcad was obtained from plate

|
bearing tests perfoﬁmed at the desired levels. The load transmitted to

'
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the soil before it reached the bottom of the pier is then assumed to be

aqual to the ultimate load less the ultimate plate bearing load adjusted i

to consider the relationship between the diameter of the plate used and
the diameter of the bottom of the caisson.
The appreoximate evaluation of the base carrying capacity of a

deep circular foundaticon may be estimated by the following formulas

(25):

For Clays:

Q. * W = Ab(NcCu + YD) - (1)

bu

where Qbu = ultimate net applied load at base.

W, = weight of caisson reaching base,

Ab = area of base. l
NC = bearing capacity factor.

Cu = undrained shear strength (cohesion of soil). i'
D = depth of embedment in soil.

Y = average effective soil density to depth D.

For Sands (26):
QD = Ab(l.Sch + lequ + 0.6RyN) (2)

load on pier (weight of pier included) required to pro-

where QD =
duce failure.
NchNy = bearing capacity factors (after Terzaghi).
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¢ = cchesion of seil.

Dy = depth of embedment, i

Y = average effective density to depth Df.

Y; = increased density due to shear stresses. \

Equations 1 and 2 are for the short term end bearing capécity
of a deep circular foundation. The development of these equations and
the theoretical limitations are presented in Chapter III. The bearing
capacity of a deep pier in soil, however, is not the only considefation.
Deformation characteristics of the soil-piler system must alsc be evalu-
ated to determine the desirability of drilled piers in soil, since very
often the working capacity is determined on.the basis of settlement
limitations,

The methed of determining the ultimate carrying capacity and
séttlement of a drilled pier depends on the soil and rock in wﬁich it
has been placed. Decomposed rock such as found in the Atlanta area
exhibits both cohesion and intergranular friction. There has been only
a limited amount of research pertaining to deep foundations imbedded in

soils which devélop their stfength through cohesion and internal fric-

tion and none on soils resembling those found in the Atlanta area. The

discussion of pier investigations in both clays and sands will show
some of the relevant factors for each maferial which must be considered
wheﬁ a soil exhibits internal friction and cohesion. For this reason
the review of literature on straight shaft, drillgd piers will bg

separated according to soil classification. The discussion of the

‘theoretical capacity of different f?pes of circular deep foundations
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will be discussed in Chapter III since their theoretical analysis is
similar. The discussicn below pertains only te pertinent thecretical

and emphirical studies for drilled piers.

Drilled Piers in Clay

Drilled piers are constructed to transmit the load to soﬁe-depth
below the structure and in many cases directly to rock; This typé of
drilled pier is common in the northern United States, Canada and in
Great Britain. A majority of the research done in predicting the
capacity of drilled piers in clay has been performed in London, England.
In London the predominant soil is a stiff fissured clay overlain by
recent deposits of sands and in some locations, gravels of limited
depth. The fesults of a number of investigations in the London clay
have been.presented in two symposiums on drilled piers (large bored
piles) in the Londan area (27, 28). The field festing of drilled piers
in clay has often led tﬁ the use of design formulas which are-practical—
ly identical. The formulas all use or imply the use of a tefm called’
fhe adhésion reduction factor to express fhe skin ffic;i5n in terms of
the unconfined compréssive strength of the clay. The adhesion redue-
tion factor, o, is defined as the ratioc of the adhesion to the average
cohesion over a given pier depth. Thé adhesion reduction factor has
been found to be less than unity and is generally reported to be between
0.25 and 0.65. The reduction in strength is probably caused.primarily
by the migration of water from the surrounding clay to the drilled hole
during drilling and alsq from the introduction of water from the con-

crete. The reduction in sirength may also be caused in part by the
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drilling operation which requires continu@us.insertion and removal of
an auger and in some cases insertion of a steel shell to keep the hole
open during construction. The scil surrounding of the open excavation
alse expands during the drilling ﬁroéess. 'Tﬁué, the drilling operation
itself probably causes much of the softening around the hole. There-
fore the adhesion reducticn factor is controlled primarily by the con-
struction technique, soil type, and climatic conditions, all of which
must be considered when designing a drilled pier. The effect of local
softening, due to water migration, disappears with time (25, 229 33).
Whitaker and Cooke (gg) have measured the load reaching the bot-

tom of drilled piers by means of an electrical load cell. By position-

ing the cell in the bottom, the load in end bearing could be measured.

This permitted evaluation of both the bottom bearing capacity and the

total load transferred to the soil through skin friction. They deter-
mined that the ultimate hearing capacity of drilled piers in London

clay could be expressed by the formula:

- AT iy
Pu+w-wdSaC+udb(Newa+YD) _ (3)

where ds = ghaft diameter.

o = adhesion coefficient = ca/E.
Ca = adhesion between concrete and soil.
C = average cohesion over a given depth.

base diameter.

oZ o

= bearing capacity factor at the base.
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w = ratio of the fissured strength of the c¢clay measured on
shear planes of large area to the mean strength of fissured
clay determlned from triaxial tests.

W = weight of concreté shaft.

¥y = average density of soil over depth D.

D = depth to the pile base.

D, = cochesion of soil below the base,

From their full scale tests of caissons 24.5" to 37" in diameter
and from 26.0 to 50.0 feet deep, they found the values of a = 0.44 and

w = 0.75 apply when Nc is taken as 9. The adhesion reduction factor

(a), bearing capacity factor (NC) and @ were found to vary from test to

test. The values given above are average values obtained from the
tests performed on étraight shaft and under-reamed drilled piers. They
have found that the ultimate capacity of a circular drilled pier could
be eétimated fairly accurately using Equation 3. Equation 3 is identi-
cal to Equation-l with medificationg for the fissured strength of the
clay and for the developed resistance in skin frictionm, |

Some of the factors which affect the adhesiﬁn coefficient in
London clay were also discussed by Burland, Butler and Dunican (25).
They recommended a value for the adhesioh coefficient of 0.30 fdr under-
reamed drilled piers and 0.45 for straight shaft piers; ‘They analyze
end bearing and skin fricfion separately and assume that in.a great
majority of the cases a settlement of.l/u"lwill yield a maximum value of
skin friction. Burland, et al., assume that at vertical displacements
greater than 1/4" the load-carrying capacity in skin friction rémains

constant while the base capacity increases to its ultimate value.
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The method of design proposed by Burland, et al., considers both
load-carrying capacity and settlement. This is accomplished by using
the load settlement curves from plate load tests and an assumed shaft

load having its maximum value at 1/4'" settlement and having an adhesion

coefficient of 0.3 or 0.45.

The load tests performed on large bored piles (25, 29) showed

' that settlement was oniy an impertant consideration with under-reamed
‘piles. Furthermore, Skempton (30) has noted from cbservation of
numerous lcad tests on drilled piers that when the diameter of the base

exceeds six feet the working lcad should be evaluated from settlement

consideraticns. These results imply that both settlement and ultimate
bearing capacity are considerations in the design of drilled.piérs in
soil.

Utilizing the recofds of tén load tests on drilled piers in
London clay, Skempton (31) cbserved that o varies from 0.3 to 0.6. The
higher values were.characteristic of less local scoftening caused_by.

natural elements or water from the concrete. By plotting the adhesion

ve. the average shear strength, he determines that o = 0.45 in.probably
the best value for the data, with a limiting value of 2000psf for shaft
adhesion. The ultimate capacity of the caisson was expfessed by Skemp-

ton using the following formula:

Q = QP + QS = QCPAP + CEI.AS _ ) (u)

where QP = end bearing capacity.
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Q_ = skin friction capacity.

C_ = average shear strength for 2/3 of pief diameter below base.

p
AP = area base.
Ca = average adhesion.

A = surface area of pier,

The end bearing capacity expressed in Equation (4) is identical
to Equation (1) assuming that the bearing capacity factof"(Nc) equals
nine and that the weight of the soil removed is approximately equal to
_ the weight of the concrete which replaces it so thére is generally no
serious fault invelved in neglecting the weight of the soil removed.
For deep circular drilled piers the actual value of Nc'is found to vary
widely, but it is generally assumed tec be equal to nine as determined
by theoretical considerations and field observations (25, 29).

The basic method of analysis of drilled piers in London clay is_
similar from one investigator tec another, The major difference is in
the selection of the adhesion reduction coefficient (a). In addition
to the values discussed previously, other investigators have also
empirically determined the adhesion reduction coefficient for drilledl
piers in clay (32, 33). Golder and Leonards (32) suggest a value of
0.7 for the adhesion ccefficient for caisscons greater than 30 feet in.
length. Meyerhof and Murdock (33) recommend a valueIOf-o.B for the .
adhesion redﬁction coefficient. Woodward, Landgren and Boitano'(gi)'
suggest an adhesion reduction factor of 0.49 to 0.52 baséd on.load'
fests on drilled piers in stiff clay located in Lemoore, California.

This factor corresponds favorably with the value of 0.45 obtained by
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others (223 223 31). From the available results it seems appropriate
to use an average value of the adhesion reduction factor of 0.45 for
drilled piers in stiff clay. The value of cohesion obtained from un-
drained triaxial tests is thus multiplied by ©.45 to determine the
shaft adhesion in clay.

'Meyerhof (35) has performed an analytical study to determined
the theoretical capacity in both end bearing and skin friction of a

deep circular foundation. His results are given by the expression:

qr = CNch‘ + KSYD : (5)
where ¢ = average shear strength,
Ncgr z bearing capgcity factor for a circular foundation,
Ks = coefficient of earth pressure on shaft within failure
zone,
Y = average unit weight of soil.
D = depth of pile tip below ground surface.
Q = bearing capacity.

Equation (5) ié identical to those presented previously. A
discussion of the theoretical aspects and limitations of the Meyerhof
method of computing the capacity of deep foundations is presented in.
Chapter III.

The bearing capacity of a drilled pier is-ﬁependent on the
roughness of the shaft as shown.in Figure 1 for a perfectly smooth and

a perfectly rough shaft. Since Equation (5) is representative of the
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end resistance only, a modification to consider skin friction must be
added. This modification is represented by a change in the bearing
capacity factor (Ncqr).as shown on the right-hand side of Figure 1.
DuBose (ggﬁ 37, gg) has also performed several field.and lab-
oratory tests on drilled piers and buried shafts in clay with diameters
from 7 to 24 1/2 inches and length of up to 18 feet. His study
revealed results which égreed fairly well with the values computed.by

the Terzaghi (26) equation:

9. . = 111:-2(1.3ch + 3D

ot N + O.BryNT) + QnPfSDf (6)_

f'q
where the values are described in Equation (2) with

fs equal to the shearing resistance of the soil, and

-r equal to the shaft radius for straight sﬂaft, drilled piers.
The bearing capacity factors used are also from Terzaghi (gg). DuBose
also conducted a study to determine the effect of water migration
through clay to an open hole. He determined that the strength lgss
due to water migration in the clay he used was insignificant.

According to Persons (24) the ultimate capacity of a pier may
be computed with sufficient accuracy.by formula six advocated by Ter-
zaghi. This coﬁclusion was reached by'observing the test results of
eight drilled piers in predominately clayey soils. Sﬁme of the pieré
utilized.end bearing and skin friction for support, while others ob-

tained their capacity through skin friction alone.

i T et
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Figure 1. Theoretical Bearing Capacity Factors for Circulaﬁ,_Deep .
Foundations in Cohesive Soils (After Meyerhof (12}).
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All of the methods discussed in determining the ultimate capacity B
of a drilled pier in ¢lay are similar. TFor design considerations of a
deep foundation of clay NY can be neglected, Nq can be assumed équal to
unity, and Nc can be considered as having an average value of nine un-

less local conditions demand a modification {for example: fissured

clay strength corrections). The ultimate base capacity is then
expressed by Equation (2). The unit adhesion can be considered equal
to 0.45 times the measured laboratory value for cohesion for computing

the available skin friction resistance.

Drilled Piers in Sand

Meyerhof (35) has performed theoretical studies on piers in

cohesionless soils. The resulting bearing capacity equation is:

= LD. . ’
q =2 2 NYq (7)

where N__ is the resultant bearing capacity factor which depends on
NY’ Nq and the earth pressure coefficient., The shape factor, A, depends-
on the angle of internal friction and the depth-diameter ratio of the

pier.

Mohan, Jain and Kumar (§§) have performed large scale instru-
mented load tests on cast-in-place concrete piles (drilled piers) in

sands and silts of varied consistency. They observed: ' - - 1

In the initial stages of loading, the load applied to the pile .
top is entirely taken up by skin friction, the top layers taking
the maximum. As the load is generally increased, part of it is

transferred to the toe. At a certain stage of loading, when the
pile shears through the soil, any additional load applied to the
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top is directly transferred to the toe and the pile is then sub-
jected to the mazximum skin friction., This is also the state
when friction is completely mobilized.

It is observed that the frictional resistance offered to the
pile in the initial stages increases to a certain depth, depend-
ing upon the load and then decreases. At the stage of ultimate
friction, though the frictional resistance increases with depth,
the rate of increase decreases approaching a negative value in
the lower region near the pile toe. . . . A probable explanation
for this reduction may be that the compression at the pile tip
results in the development of a radial movement of the soil in
the shear zone around the toe which reduces the lateral earth
pressure,

The results of two tests performed are shown in Figure 2.
These tests indicated that the coefficient of earth pressure is
apparently unity at the teoe and near the passive earth pressure value
at the top. Based on their results they have developed an empirical
method to predict the ultimate capacity of a drilled pier by use of
the values obtained from the static cone test.

A theoretical correlation between the value of ultimate settle-

ment énd the extent of a sliding zone has been developed by Berezantev
(40) to predict the failure load of deep (D/B > 4) foundation. -Berezan-
tev's theory showed that the boundary surfaces of a punching shear
failure zone, which are inclined at an angle of 45° and creoss the
foundatiﬁn edges, are reached by a horizontal sliding zone when the
relative settlement (vatio of the settlement to the diameter) averaged
0.2 (Figure 5). Utilizing these data and plane strain theory for a
long, deep foundation, he found the approximate allowable load for a

‘deep circular foundation to be
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Q = eN YB _ ' (8)

where gq = allowable unit load.
e = reduction factor (0.6 to 0.7).

N, = coefficient depending on depth to diameter ratio and the
angle of internal friction.

vy = unit weight.

B = diametef of pier.

Berezantev's presentation assumes ne skin friction énd a hori-
zontal boundary of the bearing capacity shear zone. This method is
discussed more completely in Chapter III.

Vesic (41, 42, Eg) has conducted theoretical, laboratory, and
field studies on the bearing capacity of deep foundations in sand. The
studies were performed using circular steel piles (buried and driven)
up to four inches in diameter., He observed that the skin friction and
bearing capacity increase linearly to some depth, after which the total
capacity is dependent on the relative density of the sand alone. The
skin friction was also found to reach a constant value at a depth
exceeding approximateiy 15-20 diameters, depending on the relative
density of the sand. According to Vesic this occurs because the over-
burden preésure at depths greater than about four diameters may be.

less than the unit stress caused by the overburden soil due to arching

in the sand. At depths between 4 and 20 diameters the effect of avch-

ing may partially counteract the overburden stress. Vesic's tests show

that at a depth of approximately 15 diameters the shear stress along
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the side of the pile becomes essentially constant because the arching IH

: :
effect counteracts any increase in vertical streis caused by the over- . B
burden. !

The work performed by Vesic (43) also shows some of the factors

which influence the capacity of a deep foundation. He has developed

relationships which show the effect of soil compressibility and volu-
metric strain of the soil. As the soil compressibility, expressed as
the rigidity index, increéses, the bearing capacity-incréases.' An
increase in the volumetric st?ain of the soil causes a decrease in the
bearing capacity.

The effecf of volume expansion and pile rigidity were studied
in an effort to determine the scale effect in the study of model foun-
dations. The studies done by Vesic are discussed in more detail in
Chapter III and are analyzed in Chapter VII.

The research on bearing capacity of circular drilled piers in
sand has shown that the bearing capacity is a function of the depth to
diameteg ratié, pier rigidity, and soil properties (weight, volﬁmetric.
strain characteristics, relative density, and angle of internal fbic—'_
tion). These and otheﬁ aspects which effect the behavior and load-
carrying capacity of drilled piers will be discussed in.more defail in

Chapters III, VI, and VII.

" Drilled Piers in Other Soils and Rock

On a test pier drilled into weak and variable shale in San Fran-
cisco, Moore (23) investigated the development of skin friction. Using

a lumped value, without considering stress distribution, he observed
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that the allowable shaft adhesion was 10,000psf. This study was car-
ried out using a false bottom on a piér drilled through the overlying
Bay area mud into shale.

The stress distribution pattérn along an 18-inch diameter

drilled pier in weathered shale has been investigated by Henly (46).
This study, utilizing concrete embedment gages; showed that the load
remaining in pier decreases approximately lineally with depth as shown

in Figure 3.

To date, very little work has been done on drilled piers in the
Atlanta area, Waltefs (47) has investigated the end bearing capacity
of small diameter {8 inch) drilled shafts in weathered rock similar to
the soil used in the present study. His study showed close_agreement
with the formula presented by Sowers and Sowers (48) for deep circular

foundations when shaft adhesion can be neglected. This formula is:

q, = 5.20c + YDf (9)

where q, = critical unit base resistance.
¢ = 1/2 unconfined compressive strength = unit coﬁesion.
y - = effective weight of overburden.
.Df'= depth of toe below ground surface.

These results are based on data from three testé with an indica-
tion bf a settlement reqﬂifed to reach fhe ultimate load equal to
greater than 50 per cent of the pier diameter. This settlement was
probably caused by inadequate.cleaning of the bottom of the B;inch

drilled shafts prior to concreting.
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Figure 3, Load Distribution Curve for a Drilled Pier in Weathered Shale
' - (After Henley, 46)
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Summary of Literature Review on Drilled Piers

The previous wobk.on drilled piers tends to validate fhe.ultimate
capacity.predicted by.the Terzaghi formula with minor modifications for
local soil conditions and past experieﬁce. A more complete discussion
of the theoretical solutions for the ultimate capacity of deep founda-
tions, including piers énd piles, is presented in Chapter III.

There.has seen considerable work done on determining the ultimate
capacity of drilled piers.. ﬁost of this work is of an emﬁirical héture
due to the complicated mathematics involved in predicting the ultimate
capacity of a circulér shaft, Littie work has been done in residual
soils or saprolitic soils similar to those found in the Atlanta area.
Since the available results for this type of material are very limited
and of little use,_the data obtained from the load tests done in con-
junction with this thesis will be compared to those results obtained by
the above-mentioned investigators, and to investigatibns-performed on
driven and buried piles. |

The variogs inveStigatprs have found that the deterﬁinatiﬁn of
the ultimate capacity of a drilled pier is dependent on many factors._
Primarily the ultimate capacity is a function of the soil properties
immediateiy adjaceht.to the shaft, including various cdrrections for the
wetted strength of the soils and corrections for the true overburden
pressure, The value of unit skin friction ﬁas found to vary greatly
from the passive earth préséuﬁe value to a value apprﬁximately equai.
to the oﬁerburden pressufe. The ultimate capacity of a drilled pier

and the manner in which the load is transferred to the surrounding soil
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is also a function of the depth to diameter ratio and the depth itself.

In all the literature reviewed, the base capacity of a drilled

pier is seen to be dependent on various dimensionless bearing.capacity _
factors. The bearing capacity factors vary widely between ihvésti-
gators. Many Of-thg_vérious bearing capacity factoré reported.in.the
literature are presented by Veéic (&g).' The bearing capacity factors
for different assumed failure patterns are presented in Chapter.IiI.
The results of the theoretical and empirical research preéented in.this

chapter will be discussed considering the field test results, obtained

as part of this thesis, in Chapter VII.
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CHAPTER III

REVIEW OF GENERAL THECRY OF DEEP FOUNDATIONS

In Chapter II some of the theoretical methods for determining
the ultimate capacity of a drilled pier foundation and several empirical
studies were discussed which were performed to evaluate the ultimate
capacity of pier foundations. This review of literature indicates that
there has been very little work done in an effort to evaluate the load
carrying behavior and ultimate capacity of a drilled pier. Tb properly
evaluate the tests performed as part of this thesis and to establish a
general pattern of behavior for deep, circular drilled pier foundations,
it is necessary to compare these results with the theoreticél and
empirical work of others. The general theories of deep circular founda-
tiohs are discussed in this chapter as they pertain to both piles and
drilled piers. These theories will be used to evaluate the field data
presented in Chapter VI.

The load carrying capacity of a deep foundation is composed of
end bearing and skin friction. This relationship is shown schematically
in Figure %, In the static analysis of déep foundations the effect of
end‘bearing and skin friction are usually superimposed to give the

ultimate carrying capacity as follows:

Q= Qs * Qb = AsPs * Abe _ - (10)
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where Q ultimate carrying capacity.

Aﬁ = area of the base.

effective surface area.

A =

8
Pb = agverage unit base resistance.
Ps = variable unit skin resistance.

The unit resistances depend on the strength and deformation

characteristics and the initial stress condition of the so0il strata

being considered. They also depend on the shape, size, and the material

properties of the deep foundation as well as the method of placement.
The failure theories for end bearing all make certain assumptions
which must be considered in using them. All of the methods presented
‘neglect the effect of skin friction adjacent to the shaft except Meyér-
hof (35). Terzaghi (26) and Berenzantzev et al. (67) consider the
friction force on a vertical plane represénting a shear zone some dis-
tance from the shaft to evaluate an effective overburden pressure in
éomputing the base capacity. The theories presented all assume some
‘shape of failure zone (Figure 5) in which failure of the s6il is assumed
to occur simultaneously everywhere in the féilure zone. All of the
presented theories neglect the effect of scil volume change and rigidity
of the foundation. Theée effects were discussed by Vesic (43) and are
summarized in Chapter II. The primary assumption that is made in the
development of the theoretical skin friction solution is that the soil
Behaves as a rigid plastic material (Figure 9). The material is also
assumed to be rigid up to a point defined by the Mohr Coulomb failure

envelop as the adhesive strength along the soil-conrete interface or
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the intergranular strength immediately adjacent to this interface. E

Once the adhesive or intergranular strength of the material is attained, i

which is dependent on soil adhesion (or cohesion), internal friction and

effective lateral pressure, the material is assumed to act plastically.

End bearing and skin friction are assumed to act independently

in the available theories but the ultimate capacity in skin friction is
assumed to occur simultanecusly with the ultimate capacity in end bear-

ing. This will be discussed further in the evaluation of test results

presented in Chapter VII,

End Bearing Capacity of a Deep Foundation

A theoretical computation of the end bearing capacity should
consider elastic and elastic-plastic movement of the shaft in soil,
soil cohesion, angle of internal friction, secil weight, depth of embed-
ment of tip, tip area, shaft shape and dimensions and must appreoach the
I problem in three dimensions when the shaft has a finite width-to-;ength
| ratio, At present only approximate theoretical methods are available

to consider these effects. These effects have been considered to some

extent in the choice of a particular failure pattern. Some of the vap-
ious failure patterns which havé been used in determining the theo-
retical end bearing capacity of a deep foundation are shown in Figure
5. The.most widely accepted theories of end bearing have been proposed
by Terzaghi (26), Meyerhof (35), and Berezantzev (40, 67).

Terz§ghi‘s Method

The end heavring capacity qf a deep foundation as proposed by

Terzaghi is equivalent to a general shear failure of a shallow
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foundation. In this solution it is assumed that the resisting strength

is developed in the material underlying the shaft tip with the material
above the base behaving as a surcharge in which a shear zone does not
develop (see Figure 5). Terzaghi has developed a theoretical solution
for determining the critical base capacity of a long strip feooting. He
has_extended this solution to the axisymmetric case of a circular foot-

ing using empirical shape factors obtained from model studies. The

resulting ultimate base stress for a circular footing can then be

expressed by:

q = l.3ch + nyNq + 0.6y0N (11)
where g = ultimate unit base resistance.
¢ = unit cohesion.
r = radius of bearing area,

ny = effective surcharge weight,

Y = effective unit weight of soil above tip.
Df = depth of embedment of foundation.
v = effective unit weight of soil below tip in failure zone,
Nc’ N , N = bearing capacity factors which show the influence of
vy ‘cohesion, surcharge and soil unit weight and width,
respectively.

Berezantzev's Methods

The critical end bearing stress for a deep foundation in cohe-
sionless soil has been analyzed by Berezantzev (1966) considering a

plane strain failure (40). The assumed failure pattern is similar to
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that proposed by Terzaghi (27). A schematic diagram of the assumed
failure surface is shown in Figure 5. The critical stress determined

by this method is:

q = 2nNk?r (12)
where q = critical unit base resistance.
n = reduction factor (0.6 to 0.7} to agree with test results.
Nk = bearing capacity factor dep§nding on the angle of internal
friction and the depth-to-width ratio of the foundation.
Y = effective unit weight of soil.
r = radius of bearing area.

In earlier work Berezantzev, Krestoforov and Golupleov (EZ) per-
formed a three-dimensional analysis of a punching shear failure having
a pattern of failure similar to that proposed by Terzaghi. They stated
that the critical unit base resistance of a granular soil can be

expressed by:

= o N + 2y N, (13)
7 % T My
where q = critical unit base resistance.
N = sufcharge coefficient depending on the depth-to-diameter

91 patio and the angle of internal friction.
p = surcharge at the foundation base.
Y, = unit weight of the soil below the tip.

r = radius of the loaded area.

AU DL LR e trs




38

Nq, NY = bearing capacity factors as described previously.

Meyerhof's Method

In deference to the methods described above, the theoretical
solution proposed by Meyerhof considers the influénce.of the shaft in
determining the bearing capacity of the tip of a deep foundation, The
failure pattern proposed by Meyerhof is illustrated in Figure 5 and
shows a heart shaped failure zcone which intersects the foundation shaft
above the base. Meyerhof assumed that the shaft surface is rough and
ffictiénal resistance is developed along the shaft and baée; The
eritical base resistance for this failupe configuration 1is approxi-

mately:

- 1
q = cNc + q'Ng + 1,'_t]:'NY | (]J-I-.)_

where the terms are identical in definition to the previocus equation
except that ¢’ is the effective lateral pressure against the pile tip
which is determined from the material properties of the scil and the
depth of embedment.

Summary of End Bearing Capacity Equations

The work of Terzaghi shows most of the variables .involved in
the determination of the end bearing capaéity of deep foundaticns. The
later solutions proposed by Berezantzev are very similar to the coriginal
work of Terzaghi. The main difference between these relationships is
that Terzaghi did not consider the depth of placement of the foundation

base to the extent that Berezantzev did.
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Investigators have long realized that the end.bearing capacity
of a deep foundation is a function of the considerations expreséed by
Terzaghi and later by Berezantzev. The primary difference in the
capacities determined by the various methods is due to the.seleétion of
bearing capacity factofs.which depend on the assumed failure patterﬁ
and various simplifying assumptions (such as néglectipg‘the NY term for
very deep foundations, Meyerhof (35). The bearing capacity factors for
the methods expressed here are shown in Figure 6. This figure shows
that the bearing capacity factors are quite different from one investi-
gator to another, and depend on many factors ipcluding the angle of
internal friction and the shape of the failure =zone.

Berezantzev's methods also consider factors which indicate the
importance of the depth of embedment. These factors (Nk and o) are
shown in Figure 7.

fn the above methods the effect éf.side friction on the end
bearing capacity has been pfactically neglected by all but.Meyerhof.
during the original development of the theories. However, Broms (68)
has stated that thé end bearing capacity of a pile is affected by skin
friction resistance. The vesults of field tests presented in Chapter
VI support this statement. Berezantzev's method partial;y overcomes
this shortcoming with the introduction of the depth factors Nk and o.
The Terzaghi formula can be adjusted te approximately account for the
increase in effective surcharge caused by the side friction forces.

This can be considered by defining the effective surcharge (?Df) in

Equation (11} by:
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?Df = Dy + (L-D)y, + o, | : (15)
whefe ?Df = effective surcharge.
D = depth from surface to ground water table.
'Y = unit weight of soil above the water tablé.
L = depth of embedment.
Yy = bouyant unit weight of soil.
9. = vertical stress caused by the friction forces at a distance

equal to the distance to the edge of the base shear zone.

The Terzaghi metﬁod of computing the end bearing capacity (with
or without considering the side friction efféct) has been the method
usually used for many years. Recent work indicates that the method pro-
posed by Berezantzev et al. usually yields more accurate results as
confirmed by large scale and model tests (Eéﬁ.ﬁi"gg)’ However this
method is relatively new and has not been evaluated under more varied
conditions. The Meyerhof solution has been used with limited success
primarily because it neglects the actual radius of the bearing aresa by
letting NY.in Equation (18) be equal to zero in the simplified form for
very deep foundations, and the stresses caused by side—ffiction {which
cause a changg in soil volume) may help to prevent the failure surface

from coming completely back to the surface of the deep foundationm.

Skin Friction Capacity of a Deep Foundation

"The ability of a pile or pier to develop skin friction is deter-
mined using the same parameters consideéred for end bearing except the

deep foundation's surface roughness and the effective force acting
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perpendicular to the foundation are now major consideratiqns. A
theoretical approcach to solving skin friction problems must involve the
selection of a strength criteria; For the following discussion tﬁe
Mohr-Coulomb strength criteria has been used.

The skin friction capacity of a deep foundation can be expressed

by:
L 59
Q, = 2m [ {r(dl)(dps)} (16)

!' 0 pg
1 1
i where QS = total skin friction capacity.

L = depth of embedment in soil.

r = radius of foundation shaft.

Py © variable unit skin resistance.

The unit skin resistance is further defined, using the Mohr-

Coulomb criteria, as follows:

o
n

s = C_t PhtanG ) (17)

where PS unit skin resistance.

Ca = unit adhesion.

Ph = average effective horizontal stress.

tand = coefficient of friction along the shear failure surface.

For sclution of the frictional resistance of a deep foundatien
it is necessary to determine the above variables. Probably the most

difficult variable to determine is the effective horizontal stress at
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some point along the shaft. This stress is influenced by the soil sur-
charge load at a point and the stress which is placed into the soil by
frictional resistance of the scil along the foundation shaft. The

effective horizontal stress for a vertical deep foundation can be

approximately for a homogeneous elastic soil by:

P. = kyD_ - ¢ (18)

Where 9 is the horizontal stress caused by removing some of the
vertical lead in the deep foundatien by skin fricticen, K is a dimension-
less number analogous to an earth pressure.coefficient relating effec-
tive vertical stress toc effective hqrizontal stress, and the other
terms are described previously.

Combining the above relationsﬁips, the unit skin resistance can
be expressed by:

P, =, + [K(?Df) - ch]tanG (19)
The horizontal stréss caused by a vertical force assumed to act at a
point -(component of the resultant skin friction force) for a semi-
infinite,.elastic, homegeneous, isétropic solid has been developed by
Mindlen (45) and later adopted by Westergaard (70) for a semi-infinite
stratified elastic solid. The radial (horizontal) stresses can be

approximated by the following equations:
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Mindlen

P (1-2u)(z-a) (1-2u)(=z+7a) :
n T Bw) 3 - 3 * (20)
® Ry

4(1-w)(1-2u) _ wrz(z-a)'+ Sa(l¥2u)(z+a)2 - 6a2(z+a)
RZ(R2+z+a) R 5 . R 5
1 2

3(3—uu)r2(z-a) _ 3Oar2z(z+a)
5 _ 7
Ry CR

For a layered elastic sclid,

Westergaard

i 2 21202 4 (2-2)2 (21)

—

o]

—
n

1,2 k2r2 + (z+a)2

~
=)

—
L]

pk2 z - a Lo, z + a Ty
1.3
1

1 1 1,1
) Rl(iRl+z—a) (Rl) R2(R2+z+a)

i T G BTY)

(R

X = 1l1- 2u
2(1-0)

where

“ where the upper sign of t in Westergaard's equation applies when 0<Z<a
and the lower sign when Z>a, and ug is Poisson's ratio for the strong

soil strata. The rest of the notation is illustrated in Figure 8.
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Using Equation (19) and integrating over the effective lengfh of .

the deep foundation the total friction support is obtained.

L _
Q = [ (2m)ca + [k(¥Dg) - o, Ttans}ds (22)
0 |

where L = the effective length of the foundation shaft in skin fric-

tion and the other terms are as previously described.

Equation (22) has been simplified for a cohesionless soil by
several researchers including Noland (69) by neglecting the horizontal
stresses caused by the vertical skin frictien stresses at a level ahova

the point being considered. This relationship is:

L
Q = 2mr é K(YDf)tanGJdE _ (23)
This is identical to Equation (22) when the adhesion and horizontal

forces due to skin friction are neglected and the definitions used in

Equation (5) are applied.

Summary of the Theoretical Capacity of a Deep Foundation

The previous sections described the major theoretical aspects of
the capacity of deep foundations. The total capacity of a foundation
system is the sum of the side friction capacity and the tip or end
bearing capacity. The total capacity in skin friction probably occurs
before the total capacity in end bearing due to the greater displacement

which is probably needed to mobilize the entire base capacity (25).
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 8ince theoretically the soil is considered rigid plastic the ultimate

‘friction capacity is then usually determined from Equation (23) in the
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capacity in skin friction and end bearing occur simultanecusly even

though the skin friction capacity may be developed first. By supef—
imposing the loads in end bearing and skin friction, researchers have
assumed that the soil is a rigid-plastic material for computation of ﬂ

skin friction capacity and behavior. Soils do not behave in this man- }

ner but have stress strain relationships as are shown in Figure 9. _ Hj
These relationships show that the stress increases to a certain strain
and fhen remains essentially constant or decreases at greater strains.
This means that the deep foundation would have varying stresses acting
on it depenaing on the foundation deformation and stress strain charac-
teristics of the soil.. To complicate the problem further, various
investigators have shown that along the side of a deep foundation the
absolute displacement along the soil concrete interface is probably the
primary consideration and not the Strain.of the soil itself (25, 43).

For practical engineering applications of these theories the
énd bearing capacity for deep foundaticns is usually determined by

either Terzaghi's (26) or Berezantzev's (40, 67) methods. The skin

case of a cohesionless soil. A major problem is determining the lateral
force-acting along its sides. Thecretical capacity is dependent on. the
lateral earth pressure coefficient (k) which has been shown to vary

aiong the foundation depth and alse varies with the lcad on the founda-

tions.
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CHAPTER IV
SITE EVALUATION

'_Sevérél problems are invelved in finding a_feaSible site to per;

form load Bearing.tests on piers in weathered rock. Primarily it is a

| Qrﬁbleﬁ of'lﬁcating é site which has the desired geologic and soil con-
lditions;.'ln'Chapter I, three different scil types were discussed which

"avérlie fhe infact_continuous rock in the Atlanta area. It was decided

.that a site should bhe selected where the lowermost soll zone exists
close to the surface to minimize the cost of the test piers-and soil

. test borings. éecondly, the chosen site must be one on which the
owners will permit installation of the test piers.

ﬁqth considerations were met by the selection of a site lpcated
on the Geofgia Institute of Technology campus. Permission to use this
sité for fieid testing was obtained from the campus architect and plan-
ner. The éite is:located at the corner of State énd Fourth Streets as
is illustrated in Figure 10,

A ViSuél examination of an expesed cut on the test site.showed'

" that the soil pﬁofiie has rock stringers of various thicknesé throughout
a residuél soil. .The soil conditions at the site were examinéd in,
detail by five éoil test borings. The location of these borings ié_
shown in Figure 11. In the test borings, split spoon samples were

obtained at five foot intervals with a standard 1.4 inch I.D., 2.0 inch
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FIFTH STREET \\SS

|

FOURTH STREET

\\\/’///////éihh“hﬁﬁh&h&*ﬁhﬁhﬁhﬁ*ﬁ“‘“ﬁh—- | "‘ .TQLMAN STREET J

Figure 10.

TEST SITE
(See Fig. 11)

STATE STREET

FRISCO STREET

Test Site for Pier Investigation Located on the Campus
of Georgia Institute of Technology, Atlanta, Georgia
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1
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O TEST PIER, DIAMETER EQUALS 18 INCHES

0 =RreacTiONn PIER, DIAMETER EQUALS 30 INCHES

O  SOIL TEST BORING

PIER DEPTH

NUMBER (FEET) TYPE OF TEST
1 15 - SKIN FRICTION AND END BEARING
2 15 SKIN FRICTION AND END BEARING
3 22 SKIN FRICTION AND END BEARING
4 22 SKIN FRICTION AND END BEARING
5 20 SKIN FRICTION (COMPRESSION)
6 20 SKIN FRICTION {COMPRESSION)
7 .20 SKIN FRICTION (TENSION)

NOTE: Boring Logs for Soil Test Borings are Given in Appendix A.

Figure 11, Location of Piers and Soil Test Borings on Test Site




53

0.D., split spocn sampler, The sampler was first seated six inches, to
penetrate any loose cuttings, then driven an additional foot with blows
~of a luo—poﬁnd hammer falling 30 inches. The number of bloﬁs required
.to &rive the sampler the final 12 inches is called the "standard pene-
traticn resistance.," Samples obtained in this ﬁanner are suitable for
1; - visual examination and classification tests, but are toc disturbed for
quantitative laboratory testing. The standard penetration resistance is
an index to the soil strength profile showing standard penetratiocn

resistance variation with depth as is shown in Figure 12. This figure

shows that the standard penetration resistance, N, varies a great deal
in tests taken at the same depth. The standard penetration resistance

;:; . varied from 11 blows per foct to over 100 blows per foot with most of

peﬁetrafioq resistance indicates the extreme variability of the virgin
soil. This vériability was alsc observéd in the samples obtained and
made evaluation of laboratory and field test results very difficult.
Relatively undisturbed samples were obtained by forcing éections
~of 3 inch 0.D., 16 guage, steel tubing into the ground at the desired
sampling levels. This was accomplished by driving the tubing with a
130-pound hammer falling 30 inches or by pushing down on thelsampler
with the hydraulic loading equipment on the drill rig. Each tube to-
gether with the encased scil, was carefully removed from the ground,
made aiftighf by sealing with wax, and transported to the laboratory.
Undisturbed samples were alsc obtained by means of a Dames and Moore

Sampler (Figure 13) during the actual installations of the plers.

ﬁ_ T ,"Il.‘=.,_t1:,_...q, L m‘-‘ ‘:_;.T“..._': B T Rt R

the values between 15 and 40 blows per foot. The variation in standard




54 4

STANDARD PENETRATION RESISTANCE, N, BLOWS PER FOOT i
6 10 20 30 4 50 60 70 806 90 100. !
0 [ | | A " I L3 |

BORING A o
BORING B | {
BORING C ' ¢
BORING D ' | i

10 = BORING E . '|

cCmepDoO

15 =

AVERAGE PENETRATION RESISTANCE
{(NEGLECTING 100+ BLOW MATERIAL) _ y;
. N

20 -

DEPTH BELOW GROUND SURFACE, FEET

25 =

_ Y. _GROUND WATER TABLE |||,
30 o ® = (AVERAGE) |

| | ' | o
'\ w

_ |
{. ' ' Figure 12. Variation of Standard Penetration Test
i ' ' Results as a Functicn of Depth

A R L i AT e e ey ey




55

COUFPLING HEAD

1
\ _
\ CHECK VALVES
N
HEAD N
-\*\
\ VALVE CAGE
\
N
N SPACE TO RECEIVE
: DISTURBED SOIL
N
: ~
| g _AJ=>— CORE RETAINER RINGS
SPLIT BARREL T A (2 0.D. by 2.38" I.D.
i “*~>;__ ~1 by 1.0" Long)
5 . L
|1
"1 0.35n
| —‘/ paffr— 3.25"
| /#J/
| g ¢
I /'-\./;
2y
| NA—T1
i '-._.-/
i BIT | CORE RETAINER DEVICE
| _
i
|
|

1] : Figure 13. Isometric Section View of Dames and
1 Moore Soil Sampler, Type U

6 R B ™ P Vi ) e T BV S S P




—a—— i —
o i R T

56

Samples obtained in this manner were tested in the Dames and Moore soil
laboratory in Atlanta, Georgia. Locations and depths of undisturbed
samples are shown on the test boring records given in Appendix A.

The test borings indicated that the ground water table was

- approximately 28 feet below the surface at completion of drilling in

February 1968. During the construction of a reaction pier on May 23,
1968, the water level was not apparent after 8 hours in a hole drilled

26 feet below the ground surface. Visual examination of this hole

_showed that the water table was at a depth greater than 26 feet on this

date. This indicates that the water table is probably'at least several

diameters below the bottom of the deepest test pier.

Materials Testing Program

The jér samples were examined and visually classified in the
labofatory. The soil samples were quite heterogeneous in mineral com-
position, color and grain size. In general the soil materials can be
classified as fine to course sandy silts and silty sands with varying
mica content.

Jar samples, obtained from a split spoon sampler were tested to
determine the grain size, specific gravity and moisture content of the
soil., Portions of the undisturbed samples were subjected to the follow-
ing tests:

1. :Triaxial Shear.

2. Consolidation.

3. At Rest ﬁarth Pressure.

4. Density and Specific Gravity Determination.
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5. Double Ring Shear.

The above tests will be discussed separately for clarification.
These laboratory tests were used to establish the soil properties,
including strength parameters for the site being investigated,

Triaxial Shear Tests

Representative portions of the undisturbed samples were extruded
by a hydréulic jack from the sampling tube for triaxial shear testing.
The samples were manually trimmed to a diameter of approximately 2.80
inches and a height of approximately 5.60 inches. The samples wefe dif-
ficult to trim in some places because of the inclusion of quartz seams
and zones of weak soil. The extruding and trimming process is believed
to have disturbed the so0il to some extent. In the trimming process some
large particles had to be removed to aveid puncturing the rubber mem-
brane. After the samples were extruded their natural tendency was to
e¥pand, due to the stress release, causiﬁg some of the cemented contacts
to break. Both of these effects and the effect of driving the sampling
tube disturb the samples to an unknewn extent and give strength values
which are probably below the strength of a similar sample of virgin
soil.

Aftef trimming, the samples were weighed and measured prior to
encasement in a rubber membrane and placeﬁent in the triaxial test cell.
Once in the triaxial cell, the sampleé were'subjected to an
uncensolidated-undrained test. In this test no drainage was permitted
and the pore water pressure was measupgd. Since the samples were not

saturated, an effective stress envelope could not be determined., Since
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the duration of the pier load tests were rather small, the use of

the undrained shear strength is justified in evaluating the field test

" pesults.
In some cases the samples were tested in a progressive or

multiple-stage triaxial test (49, 50). This test procedure makes pos-

sib;e the multiple testing of the same soil sample, reducing the time
and nunber of samples needed for triaxial testing. After initial com-
_finement, the axial load is increased to a point of imminent failure.
At that time the loading is stopped and tﬁe confining bressure is
increased to the next desired confining condition. After a period of
consolidation the axial load is again increased to a péint of imminent
failure. .This may be repeated indefinitely if the soil sample has not
deformed excessively or if the soil is not sensitive to this type of

loading sequence.

Single and multiple stage undraiﬁeq triaxial tests were performed
on relatively undisturbed samples. No noticeable difference in strength
values can be observed in the test results.

The samples were all tested at a deformation rate of 0,05 in/min
or a strain rate of about 1 per cent per minute. This strain rate is in
the middle of strain rates usually used in testing sands and on the higﬁ
end of the testing rate for clays (51).

Besides load rate, the mechanical operation of the triaxial test
is influenced by piston friction, end restraint of the sample, and cen-

finement by a rubber membrane. The piston friction was minimized by

coating the piston with silicone grease and is not thought to affect the
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. _ measured strength of seil significantly. End restraint is generally not
+

Ki a considératioﬁ in causing strength reduction when the length to diameter
fatio is greater than-two (72). The confining effect of a rubber mem-
brane effects the slope of the stress strain curve, but has little
influence on the maximum measured stress. The effects of the rubber
membrane, end restraint and piston friction are believed to be less than

1 per cent based on typical values given by Bishop and Henkel (72).

Corrections were not made to the strength test results to consider

;E these effects.

A general Mohr failure envelope obtained from the.triaxial test
results is illustrated in Figure lﬁ. The results of the individual
triaxial tests are given in Appendix A.

%? The results of thelindividual.triaxial tests also show the
Li stress-stralin relatiocnships for the soil samples tested. From the
ﬁF stress-strain relaticnships, the tangent modulus of elasticity of the

kf soil was found to vary from 27.4% kips per square foot to 304.3 kips per
‘ square foot with the higher values being cbtained from the less

it; ' weathered rock.
The triaxial shear test results show that the average value of
|- " the anglé of internal friction is 31 degrees with a cohesion of 300
pounds per square foot.. The maximum vélue for the angle of internal

friction is 32 degrees and the minimum value was 30 degrees when all

the samples tested were considered together.
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Consclidation Tests

Several undisturbed samples were extruded from their Shelby tubes, 

for use in the consecolidation test, in the same manner as for the triaxial
test. The samples wepe trimmed to a 2,40 inch diameter having a height

- of 1.0 inch. The samples were then confined in a steel ring and sub-

- jected to the standard (ASTM D 2435-65T) one dimensional consolidation

test. The results of these tests indicated that the settlement and re-

bound was a function of applied load only and practically independent of
- time for each sample. This type of relationship was expected since the

samples were not saturated and the soil was predominately sand. On two

- of the tests the indicated preconsolidation load is nearly -identical to

 the existing overburden pressure. The coefficient of consolidation of
fhe three samples tested was 0.267, 0.220, 0.275 for samples from Boring
E at 19.2 feet, Boring B at.lH.BS feet and Boring D at 25.6 feet,
respectively. The consolidatibn test results are presented in ?igure 15_
in.the form of a curve of void ratio vs. the logarithm of the vertical
pressure.

At Rest Earth Pressure Coefficient

‘The at rest earth pressure coefficient was determined from samples
obtained and trimmed in the same manner as for the triaxial test, A
lateral deformeter sensed the lateral deflection at three points in a
horizontal plane., By maintaining the lateral deformeter reading at its
zero strain value (obtained prior to loading the sample) during the
loading sequence the lateral deformation_was maintained at zero in one

horizontal plane at approximately the 1/3 point of the sample.
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The assumption was made that if the lateral strain remained zerc in one
horizonfal plane, it remained zero in the other horizonfal planes,

An initial load was placed on the sample and the cell pressure.
was increased to maintain thé original diameter of the sample. The
axial load was increased in five and ten pound increments with corre-
sponding incrementally increasing confining pressures to maintain a
constant diameter in the measuring plane. In this manner, values were
obtained of the axial streés and the confining stress at zero lateral
deformation on the measuring plane; The slope of the curve of axial
stress va. confining stfess is the coefficient of at rest earth pres-
sure, Figure 16.

In Figure 16 the lines do mot pass' through the origin., This was
believed due to the fact that the soil is not completely elastic. Some
axial deformation also occurred without a corresponding lateral deforma-
tion during the initial load increments due primarily to sample dis-
turbance. This may alsoc be due to consolidation of the sample as the

loading sequence progresses.

Double Ring_shear Test

Samples to be used in the double-ring shear test were obtained

.using the Dames and Moore sampler illustrated in Figure 13,

‘The samples were obtained while drilling test piers two, three
and four by bushing the samples into the bottom of the pier utilizing
the drilling rig. Samples obtained in this manner are 1553 distuﬁbed_
than samples obtained by driving thg-samﬁler with a drop hammer. The

samples were not completely undisturbed,'however, since the sampler
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" used was a thick wall sampler. Samples obtained in this manner were

believed to be slightly less disturbed than samples obtained by driving

 the sampler during the field boring program,

In the double ring shear test a center disk of soil is pushed

from a ring of soil resting on either side. A normal stress can be

applied to the soil in the outside rings so that a stress envelope can
‘be obtained in the same manner as for the direct shear test. The

results of these tests are shown in Bigure 17 and the equipment is

© illustrated in Figure 18. The tests performed gave scattered fééults

as seen in Figure 17. The results obtained indicate an average initial
angle of intermal friction of U4 degrees with a cohesion of 450 pounds
per sqﬁare foot. At ncrmal loads in excess cf.about'l200 pounds pef
square foot the average angle of internél friction is 16 degrees for
samples obtained at a depth of 22 feet. These tests were all drained
double ring shear tests. The test results indicate, however, that the
samples were tested too rapidly to permit drainage. This is shown By

the lower angles of intermal friction when the normal load was in excess

of 1200 pounds per square foot, which is indicative of a more completely

saturated soil at greater normal pressures., These test results are more

indicative of an undrained test than a drained test.

Grain Size Analysis 4

The grain size distribution of several samples of soil were

cbtained to verify the visual classification. The results of these

tests are shown in Figure 19. They confirm the classification of the

goil as a fine to medium silty sand or sandy silt, according to the
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unified classification system. The grain size tests weve performed by
mecﬁanical separation of individual grains over a set of nested siéves,
as described in ASTM DH22.

In addition to the tests mentioned above, the dénsity of the soil

was determined for each undisturbed sample. Diagrams showing average

moisture content vs. depth, wet density vs. depth and dry density vs.

depth are shown in Appendix A. The curves show a generally increasing

moisture content with depth and a great deal of variation (up to 22 per

cent) in the moisture contents at any particular'depth.' Thg.average'dry-

density is quite variable ranging from 83 to 116 pounds per cubic foot.

Discussion of Classification Test Results

The test results indicated that there was a great amount of vari-
ability in the properties being tested. This variabilitj'is due mainly
to the'nature of the soil itself and also to the random errors which
oceur in sampling and testing.. Since the results are so variable, a
maximum, average and minimum value of the soil strength testslare
reported.

Although the test piers are all located within a small area as.
shown in Figure 11, the borings and supplementary investigation show
that the soil is extremely variable, even within this confined space.
To minimize the effect of soil variations the results of the tests on
undisturbed samples have.been grouped together tolobtain a most likely

value for the soil at the site because the sample closest to the pier

in question may not actuwally represent the existing condition.
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This variability has made the description of soil samples

extremely difficult and the interpretation of the test results has been

-severely hampered by this effect. During the field exploration program

and in subsequent laboratory tests, the soil was shown to be quite vari-

gble and in all cases the laboratory test samples were composed of
several materials which were in banded layers. Probably the best
description of the soil would be a firm-to-dense weathered rock con-

sisting of alternating layers of firm micacecus silty sand, dense to

"very_dense partially cemented feldspar and quartz layers, with less

weathered lenses of partially decomposed gneiss. Individual material
layers are approximately between 1/2 inch and 8 inches thick with an
unc_:letermined lateral éxtent. During triaxial testing, the samples
sheared along and across the interface of these materials, and in
several cases failure was detérmined on the basis of excessive deforma-
tion.

‘The difference in the direct shear and triaxial shear test ;

resﬁlts, as shown in Figures 17 and 14, respectively, is probably due

" entirely to the method of testing and sampling since the materials

tested were similar. In the triaxial test the soil can fail along its
weakest plane under the imposed stress conditicns. The double ring
shear test imposes a failure plane on the sample which may not be the
weakestlpossible plane. If the samples were ofiented perpendicular to
the failure planes in the soil-pier structure, the results of the double

ring shear test would probably give the most accurate results. For this

' study, however, the samples were cbtained for double direct shear
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testing in a veftical direction and forced to shear in a horizontal

plané. This is’probably not the manner in which the soil failed in the

field. Failure along a predetermined plane adjoining the soil congrete

interface resembles the mechanism of failure in the direst shear test.
In all cases the thin wall tube samples used in triaxial

testing had to be driven into the ground since they could not be pushed

with the available equipment without crushing the tube. This pfocess

disturbed the sample to an unknown extent and probably reduced the

cstrength and modulus of elasticity of the soil.

The angle of internal friction determined from triaxial tests is
believed to be a little low because of sample disturbance, The samples
were first disturbed by driving the sampler and were furtﬁer disturbed
-while extruding_from the thin wall sampler and during the trimming
process. Some disturbance was noted during the trimming in the form of
surface hairline cracks. The samples used for double.ring shear testing
were considerably less disturbed for tﬁree reasons: (1) The éampler
was pushed'into the ground, (2} the samples did not have to be extfuded,
and (3) the sampleé did not have to be trimmed to fit the testing
machine. Disturbance of samples for the double ring shear test can
be attributed only.to the sampling operation which utilized a thick wall
tube. The sampler is shaped fo minimize the disturbance of the thick
wall (see Figure 13).

Since both the triaxial test and the double ring shear test have
|

their inherent faults with this material, the triaxial results will be

used to represent a lower boundary of the shear stréngth. The double
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ring shear test parameters will be used to represent the upper boundary

of shear strength. These bounds were selected since the direct shear

test generally gives higher values for the angle of internal friction

in sands than the triaxial shear test. For design purposes the soil

has been assumed to have an average angle of intermal friction of 37

\

degrees and a cohesion of 500 pounds per square foot.

The average coefficient of at rest earth pressure was determined
to be 0.76. This coefficient can be used to estimate the lateral pres-
:sure acting on thé side of the pier if initial strain gs neglected.
The pressure on the side of the pier before locading is approximately the
effective vertical pressure multiplied by the at rest earth pressure
coefficient, This relation is true only if the concrete is foured
rapidiy enough to prevent deformation of the scoil toward the center of
the drilled shaft and does not apply at loads other than the initial
stress state in the virgin soil assuming the effect of arching can be
neglected. This pressure varies during the test as the concrete expands
laterally against.the soil due to the applied load. The lateral pres-
sure will then approach the passive pressure at the top of the pier as
the pier expands laterally and begins to settle. |

The results of the load tests on drilled piers in weathered rock
are presented in Chapter VI. The materials evaluation program will be

discussed again in Chapter VII, where the load test results are

analyzed using the strength parameters determined in this chapter.
The complete results of the mgterials testing program are pre-*

sented in Appendix A. These results indicate the material variability




in compositioﬁ, density, water content, strength and modulus of

élasticity.
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CHAPTER V

INSTRUMENTATION FOR DRILLED PIERS

Introduction

In order to evaluate the stress distribution along the sides of
drilled piers, the piers used in testing were instrumented by using
electric strain gauge and mechanical leoad cells. By knowing the load
distribution along the drilled pier it is possiblé to develop a'étress
digtribution pattern. If actual numerical values of load are known at a
nunber of depths in the pier, aﬁ approximate guantitative evaluafion cén
be obtained of the stress distribution., These values can then be com-
pared with theoretic;l results. A design procedure for determining the
capacity of drilled piers in weathered rock can then be developed.

To date there have been few published réports (§§J g;) 38, 39,
48), of actual interior instrumentation to determine the pattern of skin
friction along the sides of a drilled pier. Driven piles have been
59) to determine the distribution of skin friction. None of the pre§i-_
ous instrumentation has been performed on deep foundations in Saprolitic
éoils similar to that found in the Piedmont Region of the United States.
Because of the lack of work done on drilled pier instrumentation tﬁere'
have been only a few instruments developed which are able to evaluate

the distribution of stress or strain in the drilled piers.
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For the study of drilled piers it is mandatcry that the instru-

" ments (1) perform satisfactorily in concrete, (2) be durable, (3) can

.be effectively waterproofed, (4} are accurate, and (5} are reasonably

inexpensive. A commercial instrument to satisfy all of these is nbt
available at the:present time. This necessitated the modification of
available instruments and the development of new ones,

A mechanical type of gauge was first thought toc be a practical
solution to the problem. Since the mechanical gauges had to be installed
in concrete, the modulus of elasticity of the gauges had to be similar to
that of the concrete and at the same time satisfy the other requirements.
It was decided that this would not be satisfactory except at the bottom
ér along the sides of the piers. The use of a mechanical gauge is fur-
ther limited since they are not commercially available, they would
fequire an exéessive amount of time to manufacture in the necessary
quantities, they are expensive to build,.and they are nSt very durable,

Electric strain gauges were then considered. An electric strain
gauge was found which was commercially available and ﬁad been used in
other installations insidé a concrete member, After several gauges were
obfained for evaluation, it was found that they could be made durable
and satisfy the éther requirements. The preliminary evaluation of the
gauge consisted of molding it in a 6-inch diameter by 12-inch highngon—
crete cylinder. The concrete cylinder with the AS-9 gauge embédded in
it having a commén long axis was then subjected to axzial comprgsSion
tests under various confining pressures to determine the modﬁius of

elasticity indicated by the electric strain gauge and by mechanical




76

means (ASTM-C-469). This study showed that the electrical strain gauge

readings were nearly identical with the mechanical strain indicator,
and that the modulus of elasticity was essentially independent of the
confining pressure. The gauges were tested to axial stresses up to

1200 psi and confining pressures up to 25 psi. The type of gauge

finally selected was an AS-9 valour concrete embedment gauge manufactured

by Baldwin-Lima-Hamilton Eleétronics. These gauges were placed in dif-
ferent locations and orientations throughout the drilled piers, How-
ever, since these gauges are fairly expensive it was prohibitive to use
them exclusively té measure all the desired strains.

A type 80, Universal strain gauge manufactured by University Pre-
cision Instrﬁment Company was selected for supplementary strain gauge
instrumentation. It was found that they could be effectively water-
proofed and made sufficiently durable by attaching them to a reinforcing
bar or to the pipe frame used to hold the AS-9 gauges in the proper.

- position and orientation. The gauges were also used in groups of three
to form two rectangular rosettes for placement in the first test pler.

Because of the difficulty involved in the a&aptation of avail-
able insfruments'and the problems involved in the installation of these
gauges, it was decided that a trial pier would be installed to evaluate
the performance of the instrumentation. This pier would also be part
of the test series.

During the testing of pier one it was determined that the diffi-
culty with the mechanical gauge originated in the comnections and the

pressure tubing. The connections were not durable enough to withstand
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the force imposed by the falling concrete. Thé gauge and connections
were ﬁodi%iga for the use in pier number six by use of a more'durablel
copper tubing and sweated connections. The gauges were placed at a
-sﬁallow depth and were not positioned in the drilled pier.until the
concrete was up to the desired gaﬁge location. This limited the quantity
of concrete striking the gauges. During the test thesé gauges failed to
éperate property. The cause of fallure is nof known. |

Test pier number one illustrated that the electric¢ strain gauges
were performing satisfactorily. The type of electric gauges or installa-

tion was not modified for the remaining tests.

Description of Test Gauges

1. Mechanical Pressure Gauge. The mechaﬁical gauge selected
coperated on a hydraulic principle. It consisted of a piston moving
inside a confining chamber on one pair of rubber "O" rings. Figure 20
illustrates a cross section of this gauge. These gauges were fahricated
in the machine shop at the éeorgia Institute of Technology. The vari-
ous domponents had to fit together so that the piston could be free to
move with respect to the casing and at the same time be sufficiently
tight to be able to maintain the cell pressure with the assisfénce of
the "0" rings.

The gaugeé were milled out of aluminum rods to the desired siZe
and shape. Since the gauges have essentialiy the same modulus.of elas-
.ticity as the confined fluid, which is considerably more than that of

the concrete, it was decided that these gauges could be uéed effectively

~ only at, or along, a soil concrete interface. The fluid used to fill
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Figure 20. Schematic Drawing of Mechanical Pressure Gauge
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the cells at first was a light lubricating oil but was later ﬁhanged to
water. Water was selected since it was easy to work with and it could
be de-aired readily. In filling the gauges and tubing it was necessary
to eliminate all air from the system, so that the fluid would be
préctically incompressible and the load would register with only a very
small movement. This was accomplished by assembling the gauges in a
water tank.

Upen filling the gauges with water, all connections were made
fight.'-The cell was then ready for calibration, Séveral loadiné and
unloading cycles were required in order to obtain réproducible pressure
readings. During the initial loading the 0" rings were ﬁrobably'just
rolling inte an equilibrium position aided by the pressure and the
élight.movement of the piston. After calibration the cells were fitted
with a 1/4-inch piece of foam rubﬁer covering the 'mon-moving" piston
base to prevent the concrete from intruding into the '"moving" parts of
the cell.

Approximately (.06 inches of movement were required to build the
pressure up to 1000 pounds per square inch. This is a considerable
amount of deflection for the concrete alone to take over the thickness
of the cell. It was felt that this movement was due to trapped and
dissolved air in the cell and indicating gauge and was not considered
too excessive to give estimates of lateral pressure excessive if the
cell was placed at the soil-concrete interface; |

2. FElectric Strain Gauges. The primary type of gauge used for

this study was an A3-9 concrete embedment gauge. This gauge has an




~ stituent materials) and which is completely waterproof.

would break when struck by the falling concrete. The AS-9 gauges were

80
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effective gauge length of six inches which should be sufficient to avoid

any local irregularities in stress within the concrete mass. These

gauges were initially developed by Worley and Meyer (gg);

The gauges consist of several turns of fine wire giued to a thin
brass foil. Extra foil is folded over the wires and soldered into
place. The leads are made waterproof by means of a heavy wax coating
surrounding the area whefe the leads are connected to the gauge itself.
In this manner, a strain gauge is obtained which has essentially_the same

modulus of elasticity as concrete (obtaining by volume ratios of the con-
The strain gauges could nmot be used without protection since they

adaptgd for use in this study by embedding them in mortar prisms measur-
ing 2' x 2" x 10". These gauges were then secured in a holder which was
attached to a pipe frame as shown in Figure 21. The gauge was oriented
so that its long axis would be either perpendicular or parallel to the
vertical axis qf the pier. |

The other type of electrical gauge used for this stud& was the
type 80, Universal strain gauge with a paper back, These gauges were
secured to either a reinforcing bar or to the pipe frame. The proce-
dure usgd to attach the strain gauges to the reinforcing bars is
described iﬁ references 61 and 62. The gauges were attached to the:
pipe frame after cleaning the surface, by gluihg with Duco cement,
After tﬁeﬂgauges were attached the leads were soldered, and the gauge and

leads waterproofed in a six-step operation:

T L ey vy
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- VERTICAL AXIS OF PIER —u

1.0" BLAG\IRON FIPE.

CUBE HOLDER

1/2"
PIPE
e CONNECTOR

-

<——-— CUBE HOLDER
(2"x5"x1/8")

—— CUBE HOLDER
(L 3/4x11/2 2 1/8, L=5")

e, le&e————— AS-9 STRAIN GAUGE
~ (6-Inch)

\\\\\\\\\J MORTAR CUBE (2"x2"x10")

NQTES: 1. All Gauges Alligned in a Plane Parallel or Perpendicular
to the Vertical Axis of the Pier,
2. Cube Holder is Made of Aluminum,
3. Pipe Connectors are Made of Black Iron Plpe.
4. Bolts are Brass.

Figure 21, Schematic Drgwing of Electric
Strain Gauge Embedded in Mertar
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1. Scotchgard heat shrink plastic was placed over the wires.

2. The wires were soldered together.

3. The Séotchgard heat shrink plastic was placed over the bare
‘wire and heated to form a tight bond over the exposed section of the
wires to maintain continuity and to avoid grounding the wires through
the mortar and concrete. |

4. The leads were then taped with Scotch.électrical tabe.

5. The lead wires were bent back over the gauge and fastened

" to the pipe or reinforcing bar with electrical tape.

6. The gauge and wire were given a liberal coating of Barrier D
waterproofing compound manufactured by BLH Electronics. The conngcting
and waterproofing of the leads for the AS5-9 gauges was accomplished in

the same manner except the gauges themselves were not coated.

Tﬁe strain readings obtéined using the Type B0 strain gauges had
to be corrected for the modulus of elasticitf of the reinforcing bars
or steel pipe in order to evaluate the stress in the concrete. Since
the modulus for the AS-9 gauges were essentially the same as the con-

crete, a correction did not have to be made. In several cases the

gauges were placed where the stress was known. This alleviated the

problem of computing the modulus of elasticity of the concrete as placed

~in the drilled pier if it is assumed that the stress is directly propor-

tional to the strain by the same proporticnality constant throughout the
pier length. In this manner the stress at various points and in various

directions within the concrete pier could be ascertained.
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The type 80 strain gauges were alsc used tc make two rectangular

rosettes which were installed in test pier number one. These gauges were

installed so that one axis was in the vertical direction, one in the
radial direction and the other located at an angle of 45 degrees from
the other twe in the same vertical direction. In this manner the
direction of the prinecipal stress could be determined for the vertical ]
plane. The type 80 strain gauges were mounted on the 1/16-inch brass
plate as illustrated in Pigure 22,

 With the exception of test pier seven, all of the instruments
were attached to a pipe frame. This frame consisted of a vertical one-
inch diameter pipe with elbows and "T's" to conneet the strain gauges.
The frame was used to hold the gauges securely in place while the con-
crete was being poured. The vertical pipe was placed along the outside

of the drilled pier, at the concrete. In test pier seven a number six

'reinforéing bar was used instead of the steel pipe. The arms *tc hold

the instruments were welded in place.
Diagrams giving the location of the strain gauges are shown in

Figures 23 and 24.
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CHAPTER VI
FIELD TESTING PRCGRAM

Introduction

In recent years there has been a large increase in the theoreti-

~cal and empirical knowledge of the load-carrying capacity of drilled

piers. This research has been copcerned primarily with the evaluation -
of various constants which may be used in the standard bearing capacity
formulas proposed by Terzaghi (26). Theoretical research has been done
for purely cochesive materials and purely cohesionless matefials, but to
date the theoretical approach has proven to be too cumbersome for a
matepial which exhibits both internal friction and cohesion.

Load bearing tests were performed in this study to eﬁaluate the
existing bearing capacity formulas and metheds of predictipg behavion
of drilled piers in weathered rock. The tests were also conducted to
determine the di#tribution of the applied loéd.as a function of depth
in the.pier. This is an indirect method of determinipg gkin friction
forces. Data obtained from the load bearing tests wlll be pfesented
and discussed briefly in this chapter. Evaluation and further discus-

sion of the test data is given in Chapter VII.

Testing Program

Seven load tests were performed on drilled piers in weathered -

rock to determine their load-carrying characteristics with regard to
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load capacity, skin friction distribution, and load—settlement charac-
teristics. All of the piers tested were nominally 18 inches in
diameter. They were drilled utilizing the procedure described in
Chapter I. After driliing with a power auger, an attempt was made to
clean the bpttom'with an industrial vacuum prior to filling with con-
crete having a specified 28-day strength of 3000 psi.and a slump.of

4 inches. The concrete was nét vibrated. Four of the piers tésted_
were designed and constructed to develop their ultimate capacity.in a
combination of skin friction and end bearing. The remaining three ﬁiérs
were designed to carry their entire load by skin friction, Two of the
friction piers were tested in compression while the remaining one was
tested in tension. Ice was placed in the bottom of the friction piers
to be-tested in compression before pouring the concrete teo assure that
the piers obtained their support from skin friction alone,

The seven test piers ﬁere labeled.in consecutive order, one
through seven. TFigure 11 shows the location of the test piefs, with
respect to the reaction piers and soil test borinéé, and illustrates the -
type of.loading conditions and depth for the test'piers..

Different depths of pier emﬁedment were used to study the efféct
of depth on the ultimate load—carrying capacity and short term settle-
ment charapteriétics of a drilled pier,

Test piers onme through six were tested using the set-up illus-

trated in Figure 25. This apparatus was modified for testing pier;'

seven. The modified load test equipment is illustrated in Figure 3u,

The load test procedure was similar to that described in ASTM D 1143,
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The loads were applied incrementally in such a manner that the deforma-

tion rate was less than 0.0l per hour prior to applying the next load

increment. The load duration period for each load increment is shown

in Table 1 for all test pieré.

Presentation of Field Test Data

During the loading of the test piers, the vertical movement of

the toﬁlwas carefully measured by means of a Starrvet dial gauge with
divisions of 0.001 inch. The data cbtained were plotted as a load-
settlement curve for each pier. Figures 26 through 32 illustrate the
load settlement characteristics of the test piers.

Figures 26 and 27 show the load-settlement relationships for fest
plers one and two, respectively. Each pier is embedded 15 feet into
the soil and derives its load-carrying capacity from both skin friction
and end beéring. These figures show a curve having am initial linear
portion which progresses into a curve having an increasing slope at
greater loads.

. The ultimate load may be defined as the load at which settlement
will continue indefinitely without any increase in 10ad'(&§} 63, 64,
65). The hypothetical failure load, which is always less than or
equal to the ultimate load may be defined as the load at which the
tangent from the initial section of the load settlement curve intersects
the tangent drawn to the final portioﬁ of the load settlement curve.
There are several other methods of defining failure load, but they all

usually give approximately the same values (65). The definitions
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Table L. Summary of Load Deflection Data

. o Total ‘Deflection at .
Estimated Loading Applied Load . Top of Pier, Net Deformation Load Total Load Percentage of
Ultimate Lead, Cycle  at Surface, Inches at Top of Pier, Duration, at Bottom of Total Applied
Taat Pier Pu,- in Tons .  Husber P, in Tons P!Pu {Total/Per Cycle) Inches Minutes = Pier, PB’ in Tone ILoad at Bottom
. 108 - 1 7.5 0.069 0.0037 60 1.8 24
’ 15,0 ¢.138 0.00%1 57 5.6 7.
22,% 0207 C.0078 6G 8.9 - 9.5
30,0 4.276 0.0168 S0 8.6 28.6
L=15F 37.% 0.385 0.0252 127 10,5 28.0
‘D=18" 45,0 O 41k . 0,03485 . B0 6.2 13.8
52,5 0.u83 D.0u63 60 5.2 10.1
50.0 ¢.552 D.oET0 173 3.9 6.5
67,5 0.621 0.0863 155 - 12.0 17.8
-75.0 0.5630 0.1132 159 17.3 (23,1
B2.5 0.759 . - 0.1428 413 22.0 26.7"
90,0 ¢.828 0.1730 120 m.h © 3.2
0.0 - 0,926 0.2806 S 0.213 610 3.2 3l.2 .
2 110 1 7.5 0.068 6.0000 60 -0.3. R
15.0, 0.138% 0.0068 . 60 -2.7 -1B,.0
22.5 0,208 0.0142 B0 =5.1. -22.6
30.0 0.272 0.0251 &0 -7.% =26.3
L=15" 37.% [T 0.D365 &0 -5.5 ) -14.7
D=18" 45,0 0.408 0.051% &0 -4.8 " -10.0
52.5 0.478 4.0710 &0 -2,2 T2
60.0 0,544 0.0960 60 o Q
£7.5 0.512 0.1200 80 -0.8 -1.9 -
75.0 . 0.680 . 0.1623 © BB 0.2 0.q
92.5 “0.T4B - 0.2150 IBo b1l 4.1 -
90.0 0.Bl6 0.2510 T - 8 - T 1
7.5 0.68% 0.3303 180 7.1 7.1,
. _ " 105.0 0.952 0.8452 0.383 1290 1.1 10.1
3 B . B 1 i) 0.083 0.00321 15 1.2 12,0
. ’ 0 . 0.167 0,0068 is 2.2 11.0
30 0.250 0.0100 . X 15 3.6 12,0 |
] 0.338 0.0159 X 00038 15 5.0 " 15,0
4 20 . 0.167 0.0116/0.0078 . 15 ‘1.2 5.0
L=227 LR - 0.333 T 0.0179/0.0181 15 .5 11.2
D=18" B0 047 0,0269/0,0231 0.0100 1% 10.2 20,4
: . 3 20 Q.157 0,0171/0,0071 . 1% ] [v]
4 0.333 0.0248/0, 0148 - ’ 1s . 1.33 3.3
60 - 0,417 0.0422/0,0322 0. 004G 505 3.3 5.6
'S 20 0,167 0.0039,/0. 0053 15 -10.5 52.5
T ud 9,333 0.0189/0.0143 15 -18.4% -46.0
60 @, 500 0.0291/0, 02uS 30 .
70 0,583 0.0399/0.0353 30 =145 20,7
80 0.667 0.0640/0.059% 30 12.1 15.1
90 0.750. 0.1010/0.095% ' &0 5.9 ° 6.6
100. 0.633 0.1158/0.1512 {1) 2

(1) Het settlement not measured, -
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Table 1. ' Summary of Load Deflection Data (Continued)

Estimated

Total

Defiection at

Loading Applied Lead - Top of Pier, Net Deformation Load Total Load Percentage of
Ultimate Load, Cyele at Surface, Inches at Top of Pier, Duration, at Bettom of Total Applied
Test Piap Pu’ in Tons Number - F, in Tons P!Pu (Totalg’?et‘ Cycle} Inches Minutes  Pier, PB’ in Tons Load at Bottom
[} 135 1 10 0.074 0.0025 30 u.8 48
20 0.148 0.0065 30 a7 14.5
0 0,222 0.0128 30 -1.6 -1.6
L=22" L] 0.29% 4.0187 aq -u.7 -t 7
D=18" S0 0.370 0.0259 an -5.0 -5.0
. 50 0.0y 0.0337 (1) an -10.2 -10.2
2 30 0.222 0.0272/0.0112 - 15 6.1 20,4
50 0. ahy 0.0813/0.0253 - 15 -] L
70 0.518 0.0490/0.0330 ) 30 3.3 .7
80 0.592 0.0660/0,0550 0.0230 60 -1.7 -2.1
3 20 0,148 0.0481/0.0091 . 15 0.7 A5
ug 0.296 0.0586/0.0196 15 0.6 1.5
50 0. 544 0.0676/0.0286 15 -0.6 -1.0
80 0,592 0.0792/0.0402 © 30 1} .0
90 0.666 0.0940/0.0550 i 1} =5.0 -0.5%
100 0. 780 0.1298/0.0908 1058
110 0,814 0.1793/0.1403 75 21.2 i9.3
120 0,888 0.2430/0.2040 75 25.1 20.9
130 e.962 D.3710/0.3320 0. 2840 705 3.4 4.2
3 - 8% i 2.5 0.088 0.0021 : : 62
{2) - 15,0 0.176 0.0061 60
22.5 0,254 0.0132 14
3.0 0.353 0.0254 - 60.
37.5 Douk) 0.0u12 X 0.0258 15
2 15.0 0.XT6 0.0339/0.0079 15
.o 0.353 0.0u32/0.0172 5.
u5,0 0.529 0.0972/0.0712 . 60
$2.5° 0.617 0.1985/0.1727 0.1u0%, 60
3 1% 0,176 0.1500/0.0095 15
30 0.353 4.1633/0.0228 18
45 0.529 0.1803/0.0398 0.0110 - "8
& 85 1 ic 0.117 0.0091 i 30
’ 20 0.234 0.0248 30
30 0.351 0.0432 an
4Q 0. 458 0, 0BG an .
50 0.585 0.,1737 &5
60 0.702 0.3295 &0
65 0.760 . G.u085 &0
70 © 0.B819 0.5190 60
: 75 0.877 0. 5AUY 60
: ag 0.936 0, Boug 0.7374 1530
7 L] 1 10 0,250 o.00ud 15
20 0,500 0.01i5 - 30
30 0.750 0.0u38 . &4
35 0,875 0.083% (1} &0

{1} Het settlement not measured.
(2) DPased on results from Test Pler 6.
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-presénted above for ultimate load and failure load will be used thfough-

out this paper.

The ultimate load for test piers one and two could-not be
measured because of the limitations of the loading equipment, but it
was in excess of 100 tons in both cases. The failure load for test

" pier one was 75 tons and test pier two failed at 84 toms. The total
settlement for test pier two is greater thaﬁ for test pier one. The
settlement at the indicated failure load is 0.106 inches for test pier
one and 0.215 inches for tesf pier two. The failure loads of all test
piers and the settlements at the indicated failure ioad are shown in

Table 2.

Table 2, Failure Loads and the Settlement’
at the Indicated Failure Load

Failure Deflection

Pier _ Load at Failure
Number . {Tons} (Inches)
1 75 0.1086
2 84 0.215
3 76 0.028
4 115 0.210
5 59 - 0,285
6. 56 .. .. - 0.311

Test piers three and four were tested so that various éyclic
loads could be applied and removed several times before loading the pier
to its ultimate value. Test pier thiee was loaded four times and test

. pier four was loaded three times., Table 1 illustrates the load

s e

LI Th R At




98

deflection data for each cycle of loading for each test pier. The load-
ing sequences are illustrated in Tigures 28 and 29 for test.pier threa
and four, .The approximate failure load for test pier three was 76 tons
at a settlement of 0.028 inches. The failure lcad for test pier four
was 115 tons at a settlement of 0.21 inches. The failure load and dis-
placement for each test pier are tabulated in Table 2. The loading of
test pler three coﬁld not be carried any further. Several welds on
 the reaction beam failed at an applied load of 90 tons, causing an
eccentric load to be applied to the pier, which shbsequentiy caused the
concrete at the top of the pi;r to split. The load-deflection curve was
not extended enocugh to_permit an accurate prediction of the failure load
for test pier three. From the shape of thé other load-settlement curves
it appears that test pier three had not yet been loaded to a point of
impending failure or to a point which would indicate that the slope of
the load séttlement curve was increasing at a sufficient rate to indi-
cate failure would occur within the next few load increments. The small
daflections at the applied loads also indicate that the pier had not
failed, The tangent drawn tc the final linear portion of the load set-
tlement curve to determine an estimate failure load in Figure 28 is
probably only the gradual curvature portion of the curve before the
load-displacement relationship starts showing a continually greéter slope
with inereasing loads,
It is of interest to note the different effecté of repeated

.loadings shown by load tests three and four as illustrated in Figures

28 and 29, respectively. In test pier three the initial three load

R R S IR
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cycles were appiied within a five-hour period. The load was then main-
tained for seven and a half hours (Table 1). At this time the pier was
unloaded and allowed to remain unloaded for approximately eight hours,
The load was then increased until the concrete failed while trying to
increase the applied load to 100 tons (Figure 30). After the extended
unload period, test pier three showed a net settlement of 0.0046 inches
from the'original position which indicates that the drilled-pier soil
system behaved almost entifely in an elastic manner.

The settlement of test pier three as a functioﬁ of time for each

load increment is illustrated in Figure 30 for all four load cycles.

At small loads the settlement occurs almost instantaneously upon appli-

cation of load, This is illustrated for the first three lcading cycles
and for the initial porticon of the fourth loading cycle, At greater
applied loads, during the fourth loading cycle, the settlement continues
with increasing time, and at the ultimaté load the settlemeﬁt will con-

tinue for an extended period under the same applied load.

2

The time periods between the load cycles for test pier ‘four were
greater than‘for test pier tﬁree. A five-day pericd elapsed between the
first and second load c¢ycles and a one-day period between the second and
third load cycles. Displacements were not monitored during these peri-
ods. The slope of the load;settlement-curves”fdr subsequeht cycles of
loading are practically identical for test. pier three while the slopes
of the load-settlement curves in test-pier foﬁr become flatter on sub-
sequent load repetitions. The relative settlements incurred for each

lcad increment are illustrated in Table 1, The slopes of the curves

i
i
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indicéte'that the soil-pier system behaved nearly elasticglly-for the
loading cycles qf test pier three up to about 50 tons, The gradually
increasing slope of the load deformation curve f;r test pier four upon
subsequent load repetitions indicates that the behavior of the soil-pier

:5ystem is not completely elastic. Table 1 illusirates the load settle-

- ment relationships for all test piers.

For all three cycles of lecads in test pief four and for the

first three cycles in test pier three, the additional cycles did not

affect the shape of the cumulative load settlement curve. This is
illustrated by the dotted lines in Figures 29 and 31, This means that

for these tests, few cycles of sliow load repetition has little, if any,

- effect on the shape of the load settlement curve, and that approi:imately

the same deflection is obtained under the same loading during each sub-
sequent loading cycle for the number of cycles tested while the load was
still in the elastic range. Table 1 illustrates the load level obtained

and the settlement for each cycle of loading. This same type of rela-

tionship is also shown in Figure 32 for test pier five, The curve for

R ey T T T

pier'fivé could not be extended any further due to a failure of the load.'
testing apparatus during the third loading cycle.

Test piers five, six and seven were tested to evaluate the fric-
tional load-carrying capacity of drilled piers. End béaning was pre-
vented; as described previously in tests five and six, and test pier
seven was tested in tension. The load-deflection curves for test piers
five, six and seven are presented in Figures 32, 33, and 34, respec-

‘tively. The shape of the load displacement curves for the friction
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- tion of 0.06 inches, The approximate failure load for test pier five

‘is seen to be considerably less than for test pier six which is also

at a greater settlement than for piers which derive their support from
" a combination of skin friction and end bearing. This aspect of the

 load-deflection relationships is discussed in greater detail in Chapter

106

piers is similar to piers which derive their support from end bearing

and skin friction, the only difference being the shorter length of the

initial approximately linear portion and greater slope of the curved

.portion of the load deflection curve for friction piers.

| \from the load defiection curves for friction piers the failure
load could be determined for test pier six only. This pier failed at
a ;oéd of 57 1/2 tons and a deflection of 0.311 inches. The load-
displaceﬁent curve for test ﬁier five permitted evaluation of an

approximate failure load which is estimated to be 41l toms at a deflec-

20 feet long and 18 inches in diameter, The settlement at fhe approxi-
mate failure load for test piér five is also considerably less than for
test pier six. The difference in failure load and deflection at failure
are probably because of the variation in socil conditions from one test
pier to another. If the loading could have been continued for test pier
five, a different failure load may have been determined.

The tests on piers deriving their support from skin friction

alone indicate that the load at failure is considerably less and occurs

VII.

-The approximate failure loads and deflection at the failure loads

are given in Table 2.
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the distribution of the load' in the pier as a functicn of depth. The

_meaningful presults could not be cbtained from horizontally criented

load distributicn aloﬁg the length of test piers one, two, three and

_transformed to the corresponding stress. This was accomplished by

107 1

The second purpose of the field testing program was to determine

load distribution was measured for all seven test pilers, Unfortunately,

gages and from the piers which derived their load-carrying ability from
skin friction alone due to failure in the instruments. Correlatable

data was available at a sufficient number of locations to evaluate the

four. The load in the test pier is presented as a function of depth for
test piers one, two, three and four in Figures 35 through 38.

The lcad at various depths was computed utilizing the strain
measurements obtained using the instrumentation deseribed in Chapter V.

Since the load was not measured directly, the strain readings had to be

assuming:
(1) +that the strain indicated by the strain gage nearest
the point of load appliation at the top of the pier,
was directly propeorticnal to the applied load. A lead
factor was thus cbtained for each load increment in each

test piler and may be described as follows:

LF

ik
o fo

where LF = Load Factor; P = Applied Load (Tons); e = Strain

8.

Measured in Uppermost Strain Gage (in/in x 10~
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(2) +that for a given load increment at the surface, the load at

any strain indicator at some depth in the pier could be
computed by multiplying the lead factor by the strain in

micro-inches,

The use of this load factor is limited because it must be assumed
'.for each load increment that the initial strainlgéuéé reading is correct
and the modulus of elasticity of the concrete is a constant at all
 stress levels for the entire length of the pier, Laboratory tests on
concrete cylinders molded during the pouring of the pier indicated that
the medulus of elasticity is approximately a constant at an axial stress
of above 200 psi and is not affected by confining pressure. Thus for
the piers tested_this assumption is valid for applied loads on fhe piers
above 25 tons, Some indication of the validity of these assumptions is
obtained by comparing the load faétors for each cyecle of loading. Such
a comparison shows that the extreme in the load factor for a given cycle
of loading are generally within 13 per cent of the average value. Other
investigators have used this iethod to deteﬁmine a lead at a point in a
deep foundation (54, 58, 66). |
Figure 35 shows the load in the pier as a function of depth for
test pier one., This figure shows that under an initial loading, 24 per
cent of the load is transferred to the base of the pier (see Table 1).
Fér all load levels a greater percentage of the load was takén in skin-
frietion than in end bearing. The curves illustrate that the load in
the pier decreases approximately lineally with depth up to a load of :

about 25 tons, but after that there is an irregular decrease in load

pre T e g
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‘with depth, with little or no load being removed between 8 and 12 feet.

. This somewhat erratic behavior between 8 and 12 feet may be caused by

the lodation of ‘a hard, less weathered seam at 11 feet which required.a

u'.gféat deai_of effort to break through while drilling the pier. This
.'extra effort may have softened up the sides of the drilled hole to such
an_extént that only a négligible skin friction force could be developed
”'ih thét area. Loose soll and rock dust may also have coated the_sides

of the shaft in this area during excessively difficult drilling, caus-

ing an aféa of reduced adhesive strength,
A similar load-depth profile is shown in Figure 36 for test pier
"~ two. "The load distribution pattern is similar to that obtained from
test pier one with two distinet differences:
(1) The load-depth profile indicates that the eatire length
of the pier was contributing to the skin friction resistancé'which may
be due to the fact that no exceptionally hard layer was encountered
during drilling,
{2} The strain gauges at the bottom of the pier ind#cated that
the base of the pier was in tension when the applied load at the sur-

face was between 15 tons and 735 tons.

This tensile load reached a maximum of 8 toms at an apélied load of 30
- tons and then decreased upon subsequent loadings and went back into
- compression at an applied load of 75 tons. The occurrence and signifi-
cance of tensile forces in the base of the piers during loading will be

discussed in Chapter VII.
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. The load in the pier as a function of depth for test piers three

. and four are presented in Figures 37 and 38, respectively. A di fferent

load~depth relationship is obtained for each repetition of loading.

This change may be related to the recrientation of the soil particles
- caused by the first and subsequent loading cycies and also teo the stress .
. ﬁiét@ryiof the pier. The load as a function of depth is plotted for
:eabh loading cycle. These figures illustrate that the load in the pier
is less at greater depths. Some of the cycles indicate that the base of
_ the piér is in tensiqn_as with test pier two.

Figures 37 and 38 show the same .relationships as discussed for
test piers one and two except that a lesser percentage of the load was
carried to tﬁé bottom for the deepér 22-foot piers than for the shal--
lowef 15-foot piers.

The rosette of strain gauges placed in pier one indicated that
after approximately 20 per cent of the ultimate load was applied, the
major principal stresses wefe oriented almost vertically and hori-
'zontally.

" The load.testing program illustrates the small amounts of
deflection needed to cause failure of a drilled pier. The results also
indicate that small diameter (18 inch), shallow, drilled piers are
capable of.suppbrting great loadé with little short term settlément.
Time—settlemen{ curves, like that shown in Figure 30 illustrate that
the settlehent takes place rapidly in the weathered rock and any further

settlement beyond the values indicated should be insignificant.

T mmemame b s an = St e ver ann S
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"In all cases the majority of the applied load was transferred to the

soil through skin frictioen.

The resulté of these tests performed indicate the variability in
the load-carrying capacity, settlement, and load distriﬂhtion patterns
of drilled piers ﬁithin the limited area at the test site. The data |
cbtained wiil be compared to theoretical ana empirical data obtained
by'bthers.;n the evaluation of test results section_of Chapter VIi.

‘Theé evaluation of the test data will also consider the variability of

the soil conditions at the site as determined in Chapter IV,
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CHAFTER VII

EVALUATION OF TEST RESULTS AND RECOMMENDED DESIGN PROCEDURE

Introduction

In this chapter the data obtaiped from field testing of drilled
piers will be discussed considering available theoretical solutions,
empirical test results and an elastic analysis using a finite element
computer solution developed by Barksdale (75). The data presented.in
Chapter VI for seven test piers in weathered rock is used to develqp a
general design criteria for drilled piers.

Eﬁd bearing, skin friction and settlement are compared to ofher
golutions separately, and the combined results are used to develop a
general design procedure. The influence of different material proper-
ties and different size piers (length and diameter), are discussed in
ordgr to extend the data obtained from field tests on drilled piers in

weathered rock intc a general behavior pattern.

Data Evaluation

The results of seven load tests on drilled pieré in weathered
rock are presented in Chapter VI. These piers were tested to determine
their.load4carrying behavior and failure loads, The lcad distribution
along the iength of a pier, and the load-settlement relationships were
obtained fqr'each test piér, using the instrumentation described in

Chapter V. This data permits evaluation of the load carried by skin
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frietion and the load carried by end bearing. The distribution of the

load throughout the length of the pier illustrates that'length,

... diameter, modulus of elasticity, shaft adhesion and comstruction tech-

nigue influences the ability of a drilled pier in weathered rock to
support - load through skin friction. The lecad distribution curves also
illustrate the significance and interrelationships of the two support

mechanisms of skin friction and end bearing.

The data evaluation section is subdivided into two categories:

(1) load-settlement relationships and (2) load-distribution relation-

ships. The data obtained from the seven field tests are compared to

- theoretical results, other field results, and the computer solutions.

~,

Extensive use is made of a finite element computer program to

assist in evaluation of the data obtained from fhe seven test piers and
Tq extend the data to different size piers in different soils. This
program permits the input of the variables which affect the pier's
behavior. A range of values for the variables (Young's Modulus,
Poisson's Ratio, applied load, pier diameter and pier length) weré
studied to determine their effect on the load-carrying characteristics
of the pier. Since the program assumes an elastic mediuﬁ, its use is
limited fo the linear portion of the load~settlément curve. This,
however, is not too serious a shortcoming, since the design load is

generally in the linear portion of the load-settlement curve. In order

- to_determine the ultimate load of a pier, it is necessary to consider
_ the soil failure mechanisms which are not elastic but behave in a non-

linear manner which varies with the type of soil (see Figure 9).
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The finite elemenf computer solution used in this thesis con-
'siders a semi—finite,'axisymmetric elastic solid., A dimensionless grid
.system, containing 330 elgments, was éelected so that the diameter and
length of the pier could be varied by changing the proPerfies of the |
materials in severai of the elements. The grid sysfem used is shown
in Figure 39.

Prior to proceeding with the solution of the problem of an axi-

Symmetric deep foundation, the problem of a shallow foundation was used

to evaluate the accuracy of the preogram., A comparison was made betweeh
the finiée element solution and a Boussinesqg solution of a circular
footiﬁg-resting on the surface of a semi-infinite elastic s&lid. The
stresses énd settlements calculated using the two methods were nearly
identical. The small differences were probably due to.the use of rigid
‘vertical and horizental boundaries at a finite distance from the center

of the circular load in the finite element solution.

The results of the finite element computer solution are presented

throughout the data evaluation section of this chaﬁter. The comparisons

made between the field results, theoretical results and empirical rela-
tionships are then summarized to show the general behavior pattern of

drilled piers.

4

‘Load-Settlement Relationships

Seven piers were tested to evaluate the field performancé of

 drilled plers in weathered rock. Load-settlement curves for all test

. plers and load in the pier as a function of depth are presented in

Chapter VI. Measured profiles of the load remaining in the pier as a
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NOTES : .

1. Dimensions have no units.

2. Elements are connected at
nodal points, -

3. Elastic properties of adjoining
elements may be different.

4, Dimensions of pier for study:

ACTUAL GRID

Pl
u

Length Dia. (Length
i5 ] 18 60
' 27
36
22 18 88
27
36
30 18 [ 120
27 |
36 -
60 18 | 120
L 36
BOTTOM OF 15 FOOT PI

. = a

ONMOONO OSSN0

xfe
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120

130
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A

Figure 39. Grid System Used for the Finite Element
Solution of an Elastic Axisymmetric Selid

£~ Horizontal loads cannot be

—BOTTOM QF 22 FOQT PIER

BOTTOM OF 30 FOQT PIER

Vertical loads cannot be
transmitted past here.

transmitted-past here,
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function of depth have been utilized to estimate the settlement of the

bottom by elastic theory. This approximate method of computing the

bottem settlement has been_used by otheprs (39, 54, 58, 59, 66}, The

— e e — —

procedure for computing the settlement of the bottom of a frieticn

bound shaft in soil is illustrated in Figure 40..

This procedure consists of taking knowh loads at various depths

in the pier and utilizing elastic theory to determine the settlement

”between any two points where the load is known.
' Thé proceduré has been shown to converge rapidly ﬁith_increasing
" number of elements. Thé major shortcoming is not, however, in the
number of.elements used but in the number of locations whére the load
iz measured. Thus the selected elements should have their boundaries as
close to the measured values as possible.
i _ Utiliziﬁg the procedure outlined in Figure 40, the settlement of
the bottom of the pier was ¢omputed for each loaé'inCrement. The

" results are superiﬁposed on the load-deflection curves for the top of

| = " the piers in Figures 41 through 44, and are presented in Table 3.

.. Figures 41 and 42 show that the curves for the settlemént of

] : the bottom have approximately the same. shape as the curve for the.sét-
| tlement of”the top for test piers.oné and two. The difference in

|

| .

l - ’ > ) r

\  settlement between the two curves is equal to the computed elastic com-

pression of the pier shaft tabulated in Table 3,

The;settlement of the top and bottom of test piers three and four
is presented as a function of load in Figures 43 aﬁd i, respectively;
These curves indicate that there is a negative tip deformation for some

loading conditions for piers 3 and 4,
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Table 3. La._adl—sattlament and Load-Duration Data for Test Piers Ume Through Four

Applied Load  Lead Estimated - Sattlement Shaft Defiection

Loading at Surface Duration Ultimate Lead, at Top, Compression at Botton, P

Test Pler Cycle = P, Tons M¥inutes Pu, Tous Inches per Cycle Inches  Inches (1) P, x 100
1 1 15 57 109 0.0081 0.0056 -0.0015 13.8
Lals' 30 1) 0.016& 0.0110 0056 27.6
Dale™ 45 B0 .03u0 LO152 L0194 41.4
6Q 173 JOB70 L0180 0486 55.2
75 154 L1132 .0237 0895 £9.0
¢ 120 - 1730 L0303 . L1427 B2.8
109 el0 : 2606 L0324 L2282 92.6
. 2 i 15 &0 ‘110 L0068 : L0032 L0036 13.6
L=15* g 60 D251 © L0054 .0197 27.2
Da1g" 45 . &0 0514 L0086 L0u28 u),8
60 60 .D9BO 01 L0816 5u.b
75 86 L1623 0182 L1lubl 68.0
90 kLl X .2510 0227 +2283 El.E
105 1290 - Hu52 .0302 <4150 95.2
3 1 10 1% 120 L0031 - L0040 -. 0008 4.3
LxZ2t . 20 - 15 . 0068 . 0080 ~.0012 16,7
b=18" 30 15 L0100 012y -.0024 - 25.0
’ Lo+ 1% . L0154 . 0182 -, 0023 -33.0
2 20 15 L0078 L0075 . .0003% 16.7
4 15 L0141 L0172 T =.00381 33.3
50 15 L0231 -0255 -.002u 41.7
3 20 15 L0071 L0081 =010 16.7
. 40 15 . .0lba - L0019 -. 0046 33.3
60 505 L0322 L0208 L0032 50.0-
) 20 15 . .0053 0065 T o-.0012 16.7
o 15 L0143 L0139 Co L0004 33.3
0 30 L0383 L L0307 O0uE 58.3
_ . Bo a0 L0594 L0360 L0234 66.7
: % ’ 80 B0 0964 QU4E 0518 5.0
. 100 : 2 1512 - - B83.3
4 1 . 10 . 0 135 0025 +0058 -.0033 7.4
L=22? 20 30 Q065 L0101 -.0036 14.8
Delgh 30 30 - 0128 - L0180 -.0012 2.2
u0 30 L0187 L0184 L0103 29,6
50 30 L0259 L0229 . 0030 37.0
60 an .0337 Q26y L0073 LA
2 30 15 : . L0112 L0164 T =.0052 22.2
o0 15 ’ 0253 L0321 T o-.0069 Gy
T 3 . L0330 L0353 =-,0025 51.8
1] 60 0500 T .00 - L0100 .59.2
3 20 15 L0091 Nilsl:] LQ00s i4.3
un 15 .0196 L0175 L0021 29.6
60 15 - . 0286 . .0256 0030 by 4
80 E (] . . QU0 2 L0346 . L0056 $9.2
90 30 : 0550 + 0386 JOL68 66.6
110 5 . Ju03 L0577 . L0B36 a1.u
120 B - ’ . 2040 LDE4E + 1394 8B8.8
130 705 : L3320 L0727 . 2593 96.2

NOTE: The deflection at the bottom is the algebraic differesnce betwsen the sattlement at the tep of the pier
and the shaft compression.

heT
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Figure 43, Load Displacement Curves for Test Pier Three
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Figures 41, 43, and 44 show that there is a tendency for the
bottom o apparently have a deflection.towards the surface for all
cycleé of loading except cycle three of test pier four. This happened
even in test pier one when the bottom load, aé determingd using headings
from the bottom strain gauges, did not decrease upon applying load.
This irregularity could be due to the selection of the modulus of
elasticity of concrete. The modulus used in these calculations was
obtained from laboratory tests on concrete cylinders molded during
placement of the concrete piers. Since the qhange in axial length'is
computed from the lead remalning in the-pier, it is possible to get a
compression greater than the settlement at-the top of the pier if the
load in the shaft at some point below the surface is greater than a
point closer to the surface as illustrated in Figure 35 for test pier
one or is tensile as illustrated in Figures 36 through 38, This in-
crease in vertical load at some depth is discussed in the load distribu-
tion section of this chapter. The decrease in axial length at the bot-

tom is also indicated by the tensile strain readings obtained im the

pier. This may be due to the shrinkage of concrete, the lateral deform-

ation behavior of the pier, or an error in the gauges. Other research-

-ers have found a tensile condition or a reduction of compressive forces

in the bottom of piers and piles (gg# 55, 68). This condition ﬁay also
be éaused by the horizontal stress developed from the reduction in load
due to skin friction. The finite element computer solution shows that
there is a zone of horizontal tensile.stress immediately abbve the

bottom of the pier (Figure 60). The reduction in compressive force

e TR T I e et e e CRIEE S S P
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may also be caused by'bending moments in the pier, due to hard éeams
or eccenfric loadings. Any or ail of these factors could account_for
the expansion of the concrete or the development of tensile forces and
the apparent negative deformation at the base of the pler. The locad
distribution patterns obtained from the field tests are discussed in
greater detail in the next section of this chapter.

A study has also been made of the comparison in load displacement
performance for the seven test piers. Figures 45 and 46 show these
relationships.

The load-settlement curves in Figure 45 are plotted for the final
loading cycle of test pierslone through four. This figure indicates a
great similarity in shape of the load-settlement curves and magnitude
of settlement for each depth of pier tested. Thus the curves for test
piers one and two (each 15 feet deep) are nearly the same, and the
curves for test piers three and four (each 22 feet deep) are nearly
identical. Any difference in the relationship for the same length piers
could probably be attributed to the variations in the scoil itself. The
displacements of the top of the piers at a given applied load are less
for the 22-foot piers than for the shallower 15-foot piers. The curves
for the deep piers aiso'illustrate a greater load-carrying ability. It
may be concluded from Figure 45 that at greater depths of embedment, the
settlement under an applied lo;d is less.

A similar relationship is shown in Figure 46 for 20-foot long
piers deriving their load-carrying abi;ity from skin friction only.

This figure shows that the initial portion of the curves for the piers
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tested in compression (tests five and six) have nearly identical shapes .
up to a load of 50 tons. Test pier five has less settlement at the
‘applied lcads than test pier six. The difference in settlement at.
applied_ioads between approximately 15 and 50 tons is 0.03 inches

which is probably due to material variation and cyclic load characteris-
tics. Sincé the test could not be gxtended past 52 1/2 tons, a dashed
line representing expected performance was superimposed on the gréph for
test pier five. This was done so that the settlement at failure and the
failure load could be estimated for test pler five. Test pler seven,
‘tested in tension, shoﬁs similar values to piers five and six for dis-
placement up te an aﬁplied load of 20 tons. - At loads greater than this,
the deformation increases rapidly. The load could not be applied beyond
35 tons due to a failure in the reinforcing bars which were used in the
pull-out test. Figure 46 shows that the ultimate carrying capacity for
a tensile pier is considerably less than that for a compression pier

support by friction forces alone.

A comparison of the load settlement curves presented in Figures
45 and 46 shows that piers deriving their support from skin friction
alﬁne-settle mere under an applied load than those deriving their
support from skin friction and end bearing.  This was further substanti-
ated by the combuter solution which indicated that’fhe lowef the modulus
of elasticity of the soil directly below the bottom of the pier, the
greater was the settlement, irregardless of the modulus of elasticity
of the sdil surrounding the pier. Fﬁr piers having the same length and

method of support, the difference in the curves presented is most

em s m o e Mo o memes
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probably due to material variation from cone test piler to another,

.If_the settlement is plotted versus the percentage of the
estimated ultimate load, a rélationship is developed which may be
used to predict the load-settlement nature of a pier. Such a relation-
ship is presented in Figure 47 for the seven piers tested in this study.
‘This figure shows a wide'scatter in results for piers fivé, six and
‘seven, deriving their support from skin frietion only. The curve for
test pier five should begin showing én increasing rate of settlement as
.the.percentage of ultimate load is:increased.and should be parallel to
the curve for test pier six., Test pier seven shows very little settle-
ment up to about 80 per cent of the ultimate load. Beyond 80 per cent

of the ultimate load, the settlement per unit load increases rapidly
‘upen application of additional load, indicating that a pier in tension

does not show a yielding behavior but is instead more "brittle" in

nature. This may indicate a tensile failure in the lightly (two number
six bars) reinforced concrete. A computation of the stress in the steel

bars indicated that they were loaded considerably past their yield

- gtress.

,Curves of the settlement as a function of applied load for test

. plers one through four show similar behavior patterns. In fact, the

curves For test piers three and four are practically identical from 65
to at least 85 per cent of the ultimate load. An average curve of per
cent of ultimate load vs. settlement may be used to determine the

appreximate settlement characteristics of a pier in weathered rock.
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This is discussed in the design recommendation section of this thesis,

The results of several other load tests on drilled piers are

- ﬁrésented in_Appehdix B in the form of per cent of estiﬁated ultimate

 .10ad vs, settlément. These curves ail show a Similar trend but fhe
curves themselves are:different. The settlement of a pief-in soil

' dépends-oﬁ-the length ﬁf the shaft? the diameter.of the shaft, the

H o - '; . mcdﬁlu3 of elasticity of the seoil and concrete, fhe quantity of épﬁlied N

" load and the time the load is maintained. At working loads the modulus

of'elaéticity of the =s0il in an elastic soil media is, fheoretically,
. the most important variable in determining the.settlement of a pier,
| The difference in the curves presented as part of this thesis and’
those presented in Appendix B is probably due primarily to the differ-
"ence in modulus of elasticity of the soil, which is affected'by the
methcd of construction, climatic conditions and position of the water
'tablé. Some of thé'difference is probably due also to.the various
length and diameters of other piers tested. With the éxcepfion of one

of the curves presented in Appendix B for piers in the Atlanta area

(Figﬁre-BS) the curves of pefcentage of ultiméte load vs. settlement
presented in Appendix B are nearly identical to the curves obtained

- for the seven test piers. The major difference is that at low per-

centages of ultimate load the settlement from the seven test piers is

.less. This is partially because the piéfs'tested were all concreted the

same day they were drilled and the weather and conmstruction conditiens -

were ideal.
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settlement of a pier in soil is also less at the same applied lcad for

- A relationship has been developed by Poulos and Davis (74) to show the

.effect of pile or pier length on the load—settlemént3behavior_to fail-

with consideration of the soil strength characteristics and by applying
thésé_strength characteristics when the stress is greater thap an elas-

‘tic stress condition will permit. This relationship is illustrated in

. since the ultimate load capacity of a pier also increases with increas-

a ing length in approximately a linear manner (Vesic, 41},

' major consideration and not bearing capacity for large diameter piers
.in;éléy_where the ultimate end bearing capacity increases in direct

. proportion to-the.square of the diameter of the pier if the length

' settlement due to changing diameter if the change in ultimate capacity

is also considered.
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The theoretical settlement of a pier in a uniform homogenecus

s0il decreases as the modulus of elasticity of the soil increases. The

piers of greater length than for shorter piers having the same diameter.

ure. .This relationship was obtained by integrating the Mindlin Formula

Figure 48 and shows that as the length is increased or the diameter is-
decreased the settlement of a pler or pile increases for the same per-

céntage of ultimate load. This relationship must be used with caution

.. Increasing the diameter will also cause a reduction in settlement

for the same applied load on the same length pile, -Skempton-(gg) has -

pointed out that increasing the diameter causes settlement to be the

remains constant. Figure 48 can also be used to predict the change in
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" The résults of the tests on'piers obtained from the field'test4

' ing program part of fhis_ipvestigation do not agree'uith_the curves
_givén'bylﬁoulos énd_Davis (74). Test piefs three and four, which were
é2 feet in length (L/D=14.7) showed approximately the same settlement.

'.at the dame'percentage'of ultimate load as test piers ohe and two,

whibh wefe 15 feet in length (L/D=10): -This discrepancy maj be*causedf'

' by the 1nab111ty to develop complete bottom support in the test piers..

DuBose has performed several load tests to determine the effect of

_length and diameter on the load-settlement relationship of drilled plers
~ in clay (36, 37). The results of some of these tests are presented in

-Figuré-ug and show that as the length is increased the settlement under

the same applied load is the same or less, and as the diameter is

-incréased;lthe larger diameter piles will generally settle less under

the same applied load. These curves also illustrate the increase in-
piér_capadity obtained by either increasing the diameter or length.

Ihe'reéults from the two lengths of piers tested in weathered rock as

‘part of this investigation agree with the general behavior trend

obtained by'DuBose for piles in medium stiff clay,

- An elastic analysis of piers in a homogeneous soil using the

' finite element solution shows that the settlement at some applied';oad
,dedreases proportionally with an increase in length The'relationship
is shown in Flgure S0 for piers hav1ng lengths from 15 to 60 feet and

“dlameters of 18 27 and 36 inches and embedded in a soil hav1ng the

average elastic properties determined from soil samples obtained at the

. test site. _The'indicated ratic of settlement to load is 10 to 15 times

P
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~that encountered;in field tests. 'These curves also show that for the

same épplied load.the elastic settlement is less.for a larger diameter
pier thén for a smaller diameter pier of the same length. This was also -
: éhown fo a limited degree, by DuBose (37) for piers in medium stiff
 01ay, but the effect of the diameter was far less than for the elastic
L_g@lution._ The theoretical effect of.mddulus of elasticity of the soil
"on'settlement is illustrated in Figure 51, TFigure 31 shows that for a
given.ioad as the modulus of elasticity of the soil;is.increased,-the _
settlement decreases in direct proportioh to the invefse of the modulus
of elasticity for geometrically identical piers embedded in the same
eléstic medium. The percentage error incurred by assuming.the settle-
‘ment is almost directly pronrtional to the soil's modulus of elasticity

" as illustrated in Table 4.

Table 4, ' Per Cent Error Incurred by Assuming that the
Settlement is Inversely Proportional to the
Modulus of Elasticity of a Homogeneous Soil

"E (psf) 67,000 134,000 | 268,000 [ 400,000 | 1,206 ;000
LENGTH|DLAMETER | ppopor 4 |ERROR % )ERROR %{ERROR % |ERROR %
(Feet)|(Inches) '

22 18 ) 3 =3 =7.5 3
15 18 | +2.5 0 -10.3
60 36 0 "

15 - 36 0 -3

NOTES: 1. + indicates overestimates.
2. - indicates underestimates.
3. Data obtained from elastic finite element computer
solution. ' '
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The elastic finite element computer solution for drilled piers 'i
in weathered rock has alsc been used to investigate the effect of hard
seams on the side of a shaft and soft zones beneath the shaft. The

results of these solutions indicate (1) the softer the material directly

underneath the pier, the greater the settlement of the pier will be,
regardless of the modulus of elastieity of the surrounding soil, and
{2) the presence of a hard layer on the side of the pier gives less
settlement than for a homogeneous scil. Examples of this are presented
:in figure 5? and described in Table 5 for the cases stﬁdied. The
pfesence of the hard layer on the side of test pier one would tend to
make it settle less than test pier two, which did not have a hard zone
on the side. This difference in settlement between piers one and two
is illustrated in Figure 45.

The load-settlement relationships obtained from elastic proce-
dures using laboratory determined values for the modulus of elasticity
greatly overestimate the acfual settlement of drilled piers in seil,
although at low lcad levels the settlements should be nearly egqual.
This may be attributed to the fact that the settlement is a function of
the absolute displacement of the soil and not the strain as determined
by previous researchers (29). Another source of error may also be due
.to sample disturbance in the laboratory or field. Some error is also -
introduced into the field measurement of the settlement of a drilled
piler by placing the supports for a settlemenf gauge too close to the
pier being.tested. Figure 53 shows thepretical elastic ground displaée—

ments at various loads for a pier 15 feet long and 18 inches in diameter
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Table 5. Description of Cases Studied in Figure 52 for the
Variation of Soil Properties in an Elastic Media.
Load in Average .
Bottom Shear Stress k tand = Bottom Load Settlement
Case Tons pst Average Applied Load Inches
29 8.01. 1260 0.86 0.152 0.783
31 8.13 1220 0.85 0,155 0.855
3la 7,40 1276 0.87 0.141 _ 0.861
33 6.92 1290 0,89 0.131 0.792
33a 9.00 - 1230 0.83 0,172 0.843
Case Description
29 {Uniform Soil (E = 134,000psf) with a hard (E = 268,000psf) zone
between 10 and 12,5 feet below the ground surface.
31 |Uniform soil (E = 134,000psf) with a soft (E = 16,000psf) zone
between 15 and 15.75 feet below the ground surface.
3la [Same as case 31 except the bottom zone has a modulus of elasticity
of 1600psf.
33 |Uniform soil (E = 134%,000psf) with a hard (E = 268,000psf) zone

between 10 and 12.5 feet below the ground surface and a soft
(E = 16,000psf) zone between 15 and 15.75 feet below the ground
surface. .

Uniform s0il (E = 134,000psf) with no vertical load transfer for
the first 2 1/2 feet below the ground surface.
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computed by the finite element method. These curves indicate that the
supports for the settlement gauges should be placed at a distance

greater than four diameters from the pier. In testing piers whose
settlement at failure is extremely small (like those tested for this
thesis) an error of about 30 per cent on the unsafe side may be

ineurred by placing the settlement gauges closer than four diameters to
the edge of the pier. The effect of ground surface settiement, which was
not investigated, may be partially offset by the soil uplift around the.
reaction piers.

The curves presented in this section obtained from various field
tests and theoretical solutions show the influence of length, diameter,
and soil modulus of elasticity on the settlement of a drilled pier in
£0il, The theoretical curves do not accurately predict the settlement
of a drilled pier in soil due to the large modulus of elasticity needed

to match field results, the elastic theory limitations and the faect that

f . settlement of a pier is not directly related to soil modulus of elas-
8 ticity. Their purpose is to show the effect of the variables and the

relative effects due to changes in the elastic modulus, diameter, and

length..

To predict the theoretical ﬁork load settlement of a pier in
weathered rock, it would be necessary to have a modulus of elasticity
approximately ten times the Qalues determined from.the laboratory tests
(Appendix A).

Proposed methods of predicting settlement will be discussed in

. the recommended design procedure section of this chapter.
[
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Load Distribution Patterns and Load Carrying Capacity

The field testing part of this inQestigation gave load distribu-
tion patterns for the four test piers which derived their locad carrying
ability from a combination of skin friction and end bearing. These
load distribution patterns will be discussed in this section to illus-
tréte the support mechanisms which are involved and the effect of
material properties. The elastic finite element coﬁputer solution has
been used to extend the resuits to include the effect of variation of
elastic material properties-and pier dimensions. The measured load-
carrying capacify'of the drilled piers will also be discussed in this
section since it is directly related to the ldad distribution patterns
and is alsc related to the load-settlement patterns discussed in the
previous section,

The instrumentation discussed in Chapter V was used to obtain the
load distribution patterns presented in Figures 34 through 37. These
curves show that the load is removed in a non-uniform manner. Figures
3% through 37 also show that there are zones where no load is removed
from the pier, zones where load is apparently added to the piler and
zones where the load is apparently negative or tensile. The elasfic
model was used to evaluate some of the factors which affect the shape
of the load distribution curves,

In piers two, three and four there are apparently zones where
there is n¢ leoad being removed from the pier near the surface. There

are several possible reasons for this phenomena:
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1.  If the soil surrocunding.the ﬁier nsar the surface settles

due to the imposed pier load theve will bLe less lcad reméved from the

pier (Kerisel, 73). This occcurs because the soil is moving with the

pier and is not offéring any supporf._ This phenomena may also cause an

increase in lead, at depths below the no-load transfer zone.
2. The elastic finite element solution indicated that there is
a zone of tangential and radial tensile stress adjoining the pier sur-

face for approximately the uppermost third of the length of the pier.

In zohes having these tensile stresses little effective support can be
realized. In a tfue soil system this efféct may bé partialiy céuﬁter—
acted.by'the settlement of the soii.  | |

3...Upon coﬁpletion of the testing prégram a seven4foo£ deép pit
waé exbavated bétWEen'tesf pier$.four aﬁd seven.  0bservations made-in
the pit.indicéted thaf.thepé is very litfle éoﬁtact.bétween the.pief and

the soil at éhallow'depths up to about four feet as shown in Table 6.

Tabie 6. Effiéiency of Soil-Concrete Interface .-
: for Drilled Piers in Weathered Rock

Depth SURFACE AREA OF CONCRETE IN CONTACT

From ~ To TOTAL SURFACE AREA OF CONCRETE
0. 1tegt 0.2
-8 g1-gm 0.7
31-gm  7togv | 0.9

NOTE: Data cbtained from a test pit located
: - between test piers four and seven.
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Because the area of contact is small there is less opportunity for the

load to be removed from the pier. The small éreas which are in contact
will be taking a large lcad and can more easily be overstressed and
support capacity will be reduced for the first SEVefal feet below the
ground surface. The area of contact is considered to be a function of
the construction technique alone. The contact area may be increased by
vibrating the concrete, using a higher slump concrete mix, using non-
shrinkipg (expanding) cemenf or all three.

4., The support capacity of the upper feet of the pier could

also be disturbed excessively by the drilling operation which required
insertion and removal of the auger. The éreas near the top of the pier
shaft will be more disturbed than the lower sections by this operation
since the auger passes through these zones more often.

The inability of the uppermost few feet to carry some of the
appliea load is significant. Table 6, showing data obtained from the
exploratory test.pit, indicates the effective contact areas observed
and may serve as a guideline in estimating the support capabilities of
the uvpper few feet of a drilled shaft. The percentage of area of con-
‘crete in contact with the surrounding soil might be greatly increésed by '
changing the construction procedure as mentioned above. The éfféctiﬁe
support caﬁability of the upper few feet is influenced the most by
climatic conditions. The climate, or anticipated climate shouid aiso
be considered as an ehvironmental effect, since it will influence the
ability of the pier to éupport the imposed load. The climatic effect

has been shown to decrease with time (§§3 37, 54, Eﬁ).
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S. Inaccurate or misleading readings from the strain gauges
could also affect the measured loads. However, the results of Vesic's
(76) work on driven piles in sand indicate that the upper few feet of

a pile contribute little or nothing to the pile capacity.

The load distribution curve for test pier one (Figure 35) shows
that there is an increase in the load in the pier between depthé of
9 and 12 feet. This increase in load ccould be céused partially by the’
settlement of the scil above this level or by the removal of vertieal -
stress above this level accompanied by a zone of no load removal
between 9 and 12 feet. This load increase may be caused by-an irregu-
larity in the gauge readings or more likely by the presence of a hard
zone. In Chapter VI it was mentioned that there was a hard zone at
about 11 feet below the ground surface which was ghcountered while
drilling.thé pier.

The effect of a hard zone was investigated using the finite
element computer sclution. The results of the comﬁuter solution for
an applied load of 52.5 tons and a hard zone extending from 10 to 12.5
feet are shown in Figure 52. This figure shows that there will be a -
decrease in load in the pier through a hard zone, represented by a
material having twice the modulus of elasticity than the surrounding
soil. With a higher ratio of the modulii of elasticity it is expected
that the load decrease will be more prominent. The figure alsa shows
" the effect of a hard side zone and a soft bottom. In the latter case
there is a tendency for the load in the pler to be decreased at.a

" lower rate than in the former case. Either of these effects when
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coupled with the settlement of the soil above the hard zone might cause
an increase in the load remaining in the pier.

The indicated increase in the load remaining in the pier could
also be caﬁéed by bending in the pier. Bending or moments in the pier
may occur by applying the load eccentrically or by having one side of
the pier embedded in a more resistant material than the other side,
Since the gages were located on only one side of the pier they would
show an increased load if they were on the side of the pier where the
hard zone was absent.

Any of the above explanations could account for the increased
load in pier one as shown in Figure 35. These events are all plausible
in the material at the test site because of the extreme variability of
the soil.

In test piers two, three, and four there is a tendency for the
load in the bottom of the pier to be temsile. The tension force in the
bettom was measured from the initial ne load condition on the pier, just
prior to applying the first ldad increment. The tensile force generally

-occurrea after the initial applied load and thgn returned to a compres-
sive force when about 70 per cent of the estimated ultimate load (as
determined from the load-settlement curves)} was applied. Several pos-
sible reasons for the tensile cdndition were presented in Chapter VI,
In addition to these reasocns given previously another explanation Ean
be obtained from the elastic finite element computer solution which
shows that the radial stress immediately above the bottom is tensile;

This tensile stress in the soil would reduce the lateral support
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capability and could cause an axial tensile stress in the bottom of the
pier until sufficient deformation occurred to cause a compressive
stress. This tensile stress may not bé obvious for the first few load
increments because of the weight of the concrete alone ana the increase
in load which could be cauéed by any or all of the reasons given previ-
ously. The tensilé condition can also be caused by a zone of no load
transfer followed by a compressible zone which would tend to pull the
pier down with it as the soil settles. The tensile condition at the
bottom may also be associated with soft bottom which would tend to make
the end of the pier "hang" from the upper portions of the pier when

the radial.stress becomes large enough to prevent lateral support. The
possibility of a bending stress at the bottom of the pier was investi-
gated in piers two, three and four by multiple strain gauge installa-
tions. These readings were essentially identical. This indicated a
lack of moment at the bottom of the pier.

The shapes of thefload—distribution curves have several things in
common. In all cases there was an initial increase in load at the bot-
tom and then the bottom loéd decreased before beginning to increase
again. In some cases the bottom load decpeased enough to apparently
place the bottom in tension for the reasons given above. After the

bottom load reached its minimum value, the load distribution curves are

'praétically parallel for all subsequent load. increments,

As the pier loses its load carrying ability in a certain zone the
load distribution curve becomes vertical, indicating that no load is

being removed. One way that the soil will not take any of the load is
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if it is separated from the pier. The zcne of nc load transfer was

encountered in three of the test piers, and cccurred generally just

. below the ground surface for reascns discussed previously. It is also

Kl

possible to have an apparent no load transfer zone at other locations
due to hard or soft sides, bending or a combination of these conditions.

The load-distribution curves obtained from the elastic computer

-solution have uniformly increasing slopes with the greatest slope occur-

ring at the bottom of the pier. The slope of the load distribution
curve is directly related to the shear stress as is indicated in Figure

54 for a pier embedded in a banded elastic soil. The curves are prac-

‘tically identical to curves obtained for a uniform soil having a modulus

of.elasticity equal to the average value of the two banded materials
with the exception that the banded so0il results in a curve which does
not have smooth tramsition of loads at different depths. In fact, the
finite element computer solution shows that for reasonable bounds the
modulus of elasticity of a homogeneous, isotropic material has little
effect on the load distribution patterm,

There has been very little other work done in actual measurement
of the load distribution in a pier, due primarily to the instrumentation
and test cost involved. The load distribution curves which are a%ail-
able, however, are interesting and aré unique for each pier tested.
Figure 2 shows the results of two load tests performed by Mohan etlal.
(39). These curves show the same general pattern as those discussed |
above, but more clearly illustrate the relationships predicted by the

computer solution with the exception that less load is transferred near
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Figure 54, Theoretical Amount of Load Remaining in the Pier as a

Function of Depth of Embedment in an Elastic Material
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tlie bottom in the Mehan et al. tests. This is probably the true case

‘since the developed radisl tensile gtress may 1imit load transfer. in a

' real soil. The load distribution patterps cbiained by Henley (46), and

'shown in Figure 3 are a combination of the curves that would be pre-
dicted by the computer solution and those curves obtained from this
study of drilled piers in weathered rock. The initial portion of the

‘curves at low applied loads cloeely resemble those ourvee obtained from

- the computer solution considering minor deviations from a smooth linea

_As the applled load increased, paet sbout 25 per cent of the tested

load, the curves obtalned by Henley are seen to move outward in approxi-

metely a parallel manner. The perallel-nature of the curves.lndlcete

that the.inereese in load iS'téken almost'entirely.by the'bottom.
.Theeparallei netube of the ;oad_dietribution pattefns.obtained

by Henley, and to a'oertain extent by Mohan et al., is similar to the

'_relationship-obteined frOm-the.field worklperformed as pabt'of this

thesis. In ofder for this'pheooeena to oocur, one_of two things muet'be
happening: |

1. The soil eurroundlng the entire length of the pler.must be
behav1ng in a plastlc manner. - | |

2._ The'loss in support'over a‘smallﬁarea of'the.pier—soiluintef—_ _

face must be counteracted by an. 1dent1cal gain in support by an adjacent

: small area of pier 5011 contact

The first of these is more plaUS1ble ESPECldlly 1f one cons;ders

"that tbe relatlve dlsplacement along the 5011 pier lnterface is prac--'

'_ tically'ldentlcal througnout the entire length of the shaft once.the-_
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load is past the ipitial linear portioﬁ of the load displacement curve,
since the shaft compression is very small compared to the surface dis-
placement of tﬁelpier. The magnitude of the shaft compression was
computed on an elastic basis for the piers teéted as part of this thesis
and is shown in Figures Ul througﬁ 44, FProm these figures it is seen
that the shaft compression is generally a substantial part of the total
top displacement initially but becomes proporticnally less as the load
is increased past the elastic range of soil behavior. Once the entire

pier length is acting to support the pier load the movement is such that

~at least part of the soil surrounding the pier will be stressed beyond

the elastic limit. As further loading oceurs more anq more of the soil
will be sfréssed beyond its elastie limit until the entire soil system
is behaving.in a noﬁ-elaStic manner. ,

The elastic finite element solution indicates that the shaft com-
pression is small compared to displacement because the modulus of elas-
ticity of the shaft is several orders of magnitude greater than the
modulus of elasticity of the surrounding soil. In order for the soil to
behave in a completely plastic manner, as in the first statement, it
would have to be rigid-plastic or an elastic-plastic material (see
Figure 9}. It is not likely that the scil behaves in this way but
instead behaves in a non-linear manner as is indicated by changes in
the load distribution curves. The gradual rotation of the load dis-
tribution curves.indicates that the shear stress is increasing, but not

as rapidly as for lower load levels.
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If both of the above phenomena-oécurred simultaneocusly, £he lines
indicating the lcad remaining iﬁ the pier would progress in approxi-
mately a parallel manner and the material would not have to be elastic-
plastic or rigid-plastic. It would, in fact, tend &b substantiate the
failure mechanisﬁ discussed earlier which is caused by the entire sur-
face of the pier not being in contact with the scil. |

Another aspect of the lecad distribution curves which is very
important is the evaluation of the amount of load.taken in skin friction
and. the quantity of lcad taken by end bearing. These two lead support
mechanisms determine the design procedure to be utilized as explained
in Chapter III. The amount of load taken in end bearing and skin frie-
tion for each of the test piers is presented in Table 1. This table
shows that at least 70 per cent of the applied load is transferred to
the soil through skin friction for the loads investigatea. As the load-
distribution curves for each successive load increment become parallel
it is apparent that an increasing percentage of the applied load is
being transferred to the soil through end bearing. When both the load
distribution curves and the load—séttlement.curves'are considered to-
gether it is apparent a significant amount of the load is not carried
by end bearing until the applied load is past the elastic range of the
soil pier system. Even at fhe estimated ultimate load for -the piers
tested only about 30 per cent of the appiied load ever reaches the
bottom of the pier. This indicates that oﬁer two-thirds of the appiied-
load will be carried by skin friction forces at the ultimate load and a
greater percentage will be carried by skin friction forces at loads less

than ultimate.




function of the depth-to-diameter ratio in Figure 55. Figure 55 shows -
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The percentage of load which reaches the botrtom of a pier
embedded in an elastic media was investigated by use of the finite
element program and was also investigated by Poulus and Davis (Zﬂ) by

integrating the Mindlin (45) solution. The percentage of load which

reaches the bottom of a pier in an elastic media is presented as a

that as the depth-to-diameter ratio is increased the percentage of the
applied load which reaches the base of the pier decreases. The curves
in Figure 55 show that the banded materials have a different effect than
the homogeneous materials and alsoc that the values obtained by Poulos
and Davis give a lesser amount of load reaching the base of the pier
than that obtained from the finite element sclution. The difference
between the finite element solution and the integrated Mindlin solution
is probably due to differences in the modulus of elasticity and also

to several simplifying assumptions made by Poulos and Davis (74) in the
integration of the Mindlin Solution. The finite element solution is
more realisticland should have values which more closely represent those
obtained from field tests in the elastic range of loading,

The amount of loéd reaching the bottom of a drilled pier in a
uniform, eléstic homogenecus soil is also a function of the modulus of
elasticity of the soil. The effect of various modulus of elasticities
of s0il were investigated for a 22-foot long pier 18 inches in diameter
and are preseﬁted in Figure 56. This curve shows that as the modulus of
elasticity of the soil is increased, the amount of load which reaches
the bottom of the pier decreases slightly and for practical burposes

this effect can be neglected.

e e ——
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The amount of applied load reaching the bottom of a deep circu-
lar foundation has been plotted for several field results including
those obtained as part of this study. The results are presented in
Figure 57 along with the results of the finite element study. Figure
57 shows that at the ultimate load the percentage of load carried by
the base of the pier decreases as the depth-to-diameter ratio increases.
-The data obtained by a1l investigators indicate that the relationship
between applied load and depth teo diameter is almost identical to tﬁe
frend predicted by the finite element method. The only difference be-
tween the elastic solution and the field sclution is that the majority
of the field data indicates a higher percentage of the load is carried

~ by the base at the ultimate load. This is readily explainable since
the field solution extends past the elastic range and info the range ;
wﬁere the load-distribution curves are '"parallel.”" In this range
practically all additional load applied at the surface is carried by
the base as previously explained., The percentage of load carried by
the base for tests performed by the other investigators pr;esented in
Figure 57 would probably be very clese to the values predicted by the
finite element curve for values of load stiil in the elastic range of
the soil system. It is of interesf to note that the values obtained
from the field tests performed as part of this thesis are close to the
values predicted by elastic theory. This may be because the ultimate
load may not have been reached or because.of the lack of adequate bottom
support, It is likely that the bottom support was not adequate. A

loose bottom will cause more load to be transferred by skin friction and
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will not permit the ultimate ioadlto'be achieved without greater settle-
ments. The effect of a soft base in a drilled pier will be discussed
later in this chapter.

Before aﬁalyzing %hé'aiﬁf%rent:ﬁékﬁégig;s of end bearing and
skin friction it is useful fo fefieﬁ the lecad distribution patterns

briefly. The pattern of load transfer is seen to be a function of the

- 80il properties, pier geometry, applied load, and construction tech-

nique. The amount of load transferred by skin friction has been shown
to be a function of the properties of the surrounding soil and is
‘greatly influenced by the bottom material properties (loose bases cause
more load to be transferred by skin friction and hard bases cause more
load to be transferred by end bearing) and the applied load. As the
applied load in the test piers increases, the amount of load reaching
the bottom decreases and in most cases a tensile force exists in the
bottom until about 70 per cent of the ultimate load is applied at the
top. After about 70 per c¢ent of the ultimate load is reached, almost
all additional lead is carried by the bottom, and the load'distribution
curves remain essentially parallel for subsequent loads. Since the
.load distribution curves remain essantially.parallel there is no reduc-
tion in skin friction forces. This indicates that skin friction acts
almost independently of end bearing in contributing to the suppert of.
a pier in a "uniform” soil, Since these forces act almost completély'.
independently, the discussion of the different mechanisms will be con-
sidered separately in the remainder of this section and also in the

section on the recommended design procedure.
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Skin Friction Studies

The theo£9ticél aspects of the skin friction capacity of a deep
cireular foundation were discussed in Chapter III, The vesults of the
derivation show that the skin friction capacity can be approximately

expressed by

Q = 2m gL[Ca + klyLto, )k tané)de o (2m)
where all of the terms have been discussed pfeviously.

For practical éonsiderations the influence of the horizontal
stresses caused by the vertical component of the skin friction forces
(Oh) can be neglected except near the tip of the pier where the value
is tensile and is of significant magnitude-cqmpared'to.the vertical
compressive stress. If the influence of the vertical component of skin
fricfion forceé for a constant shaft diameter is neglected the abové
formula is simplified ?o |

i ' o
Q=CcA + -Iia_s K tannS. - (25)

2

¥
where AS is the effective area of contact between the concrete and the

soil.

The average unit skin friction stress (Ta) can be computed by

using

. 0 ]
Ca + [ﬁﬂYk tan§ =1, (26)
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The average skin friction stress (r) for a pier is equal to the
load removed from the pier by skin friction divided by the surface area

of the pier; utilizing this relationship Equation {26) becomes

P, - P :
z 8 - Ca + L

W > vk tan 6 (27)

Equation (27) has the effect of smoothing out the load distribu-
tion curve to a str;ight line between PT and PB'and this formula is the
one commonly used to compute the skin friction capacity of a deep foun-
dation., TFigure 58 shows the theoretical elastic load distribution
curve for én applied load of 130 tons on a pier 30 feet long and 18
inches in diameter supported in a homogeneous, elastic, isotropic soil
media., At loads less than 130 tons the average shear stress curve
agrees more closely with the true theofetical load distribution curve
than indicated in Figure 58.

The value of the average sbear stress (Ta) can be obtained from
the elastic finite element computer solution for loads which are still
in the elastic range for the soil pler system. Values of T cbtained
from the finite element solution at-loads greater than-this.ére not
vélid._ In the remaining discussion the attention will be_fbcused on
the values of the average shear stress and the coefficient of hori-

 zontal earth pressure (k) since they are the parameters which assess
the importance of the skin friction support mechanism. The other
parameters in Eqﬁations (25) and (27) can be cbtained from laboratory

testing'and_from geometric properties of the pier,
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Long Pier 18 Inches in Diameter Embedded in an
Elastic, Homogeneous Material at an Applied
Lead of 130 Tons :
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" compared to the actual field vesults obtained from the test piers.

"at a decreasing rate. The average shear stress from the field tests

‘70 per cent of the ultimate load. Figure 59 shows that the computer
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8ince the finite element computer solution will be used to ?

describe some of these parameters it is desirable that it be further

This can be done on the basis of the average shear stresses over the
length of the pier. Such a relationship is shown in Figure 59 for the

two lengths of piers tested. Figure 59 shows that the average shear

stress is directly proportional to the applied load for the elastic
solution; This is to be expected since the actual percentage of the
applied load reaching the base of the pier .is alconstant for all
applied lcads at a given depth to diameter ratio. The field results,
also presented in Figure 53, are seen to be linear up to a certain

point and then the value of the average shear stress begins increasing

has a limiting value which.depends oﬁ the geometry of the pier. The
initial departure from a straight line for the field results.generally
occurs when the load in the bottom of the pier has reached its minimum
value and then starts increasing (see Figures 35 through 38), At this
point the load distribution curves also become essentially parallel,

denoting the end of the elastic range of the soil-pier system at about

resulté agree very weil with the field results as long as the load
rémains in the elastic range. At loads above the elastic range for the
s0il pier syétem the curves indicate a limiting vélue'fbr the avépage
shear stress. This limiting value for the aveyage sheaﬁ stress can be

used to compute an approximate average value of the coefficient of
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horizontal earth pressure using Equation (27), Figure 59 also indicates
that the horizontal earth pressure coefficient can be computed accﬁrateiy
using the finite element computer sclution while the loading on the pier
is in the elastic range; The value for the coefficient of earth_pres-
sure in the elastic range is quite different than the limiting value and
is a function of the length, diameter and applied load. Since there is

a difference between the two coefficients of horizontal earth pressure,
the coefficient in the elastic range will be called the elastic coeffi-
cient of herizontal earth pressure. | N

The elastic coefficient of horizontal earth pressure at various

depths was investigated extemsively by use of the elastic model. This

"ecoefficient is defined as the ratic of the horizontal stress to the

vertical stress while the applied load is in the elastic range for the
goil-pier system. The variation of the elastic coefficient of earth
pressure is presented in Figure 60 for a 22—foot long pier 18 inches in
diameter. This figure shows curves for both a weightless soil and one
having weight. The values for the weightless soil are due only to the
applied load on the pier, These two curves have similar shapes and

serve to peint out that even in the elastic range the coefficient of

- earth pressure is not a constant over the length of the pier,

For a soii media having weight it shows that the radiai stresses
are tensile at the top and bottom of the pier and that there is almost
a constant value of the elastic coefficient of horizontal earth pressure
of approkimatély 1.2, This value is approximately equal to the recipro-
cal of the at rest earth pressure coefficient determined from laboratory

tésts{
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Figure 60 also shows that the values ofithe'elastic coefficient
of horizontal earth pressure (k') for a weightless soil are lower than
for a soil having weight. With a weightless media the change in
vertical and horizontal stresées at the surface are both tensile.

Since this is a tensile force, the actual coefficient should be zero

 since large tensile stresses probably cannot be taken by most sdils and
should not be counted on, even in éoils which have some cchesive
strength.

The data for a weightless media presented in Figure 60 may be
used in conjunction with Figure 61 to compu%e the actual strésses
resulting from applied ldad at the top of the pier embedded in an
elastic media. The curves presented in Figures B0 and 61 are not
gfeatly affected by the modulus of elasticity of the soil but depend
ﬁrimarily on the geometry of the pier. The main purpose qf Figures 60
and 61 is to show that the coefficient of earth pressure is not a.con-
stant over the length of the pier,

From the computer results it is apparent.that the average shear
stress is a linear function of the surface area of the pier, The ccef-
ficient of earth pressure is, however, a complicated polynomial function
of the length pf the'piér or the efféctive length of the pier. In.
Figure 62 the vélues of k tand calculated from the field test dafa have
been normalized to a common length of 15 feet considering bofh the |
effective length (the length'actually contfibuting to the load support’
detérmined from the load-distribution curves) and the total lengths.

The curves were normalized by multiplying the values of k tand by the
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square of the ratio of the actual length to 15 feet and by the ratio of
1oad carriéa by skin_friction to applied load. The square of a common -
length of 15 feet was used because the total horizontal stress is
approximately a guadratic funection of the depth due to the increase in 

"surféce area with depth for tﬁe same diametér_pier and also to the
increase in the average horizontal stress which is a diréct funcfion_bf:_
the depth of emﬁedment. The equation is developed in the recqmmended
desigh procedure section of fhis chapter. Both of the curvés prgsénted
in Figure 62 show good agreement with the field data which were limited
to 15 feet and 22 feet long piers. A small dégree of gcattering &oes
occur which can be attributed to variations in material properties,
testing errors and approximate scaling law. Thus it is seen that the
value of k tané is an approximate quadratic function of the length of
the pier since the normalized curves for bofh length piers is almost
éolineér.

- This relationship is presented in Figure 63 which may be used
fér any length pier conce data is corrected for avenége stresses which
will consider various diameters. Figure 63 shows a completely normal-
ized curve which permits a value of k tand to be.obtained for any
length pier. Since the elastic model soluticns_presented in.Appeﬁdix
C agree with thé durVe in the linear rénge, the values ﬁan.be uéed,for
any léngth pier {(the diaﬁeter doeé not affect thez§alue of k ténG

“_difectly_but serves to increase or decrease the average shear stress

and affects the percentage of load at the bottom of the pier).
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o . k tand : .
0 1.0 . 2.0 _ 3.0
0 ; i ! |
O 15-F00T PIER; TOTAL LENGTH
20 ® 15-rO0T PIER; EFFECTIVE LENGTH
O 22-FOOT PIER; TOTAL LENGTH
B 22-TOOT PIER; EFFECTIVE LENGTH
40 -
60 1 USING EFFECTIVE LENGTH
80 A
USING TOTAL LENGTH
100 - 0
®
0
120
140 - _
1. The data presented are the average value for' the two plers
of each length tested,
2. Data from the 22-foot long piers were normalized to a 15-
foot long pier by multiplying the measured values by
oo : .
_2_2_ (1-P,/P.)15
zl-P /P 22 °
3. Data obtained from using Equatlon (26) with C = 500psf
as determined from the lab tests, :
4, Base value of length is 15 feet.

Figﬁre 62. Normalized Field Test Data for k tané

as a Function of Applied Load
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of load transmission zone) '

NOTES: O
1. Ca = 500psf.
2. Average shear stress.

3. Data for effective pier lengths
. from Figures 34 through 38.

O TEST PIER ONE
@® TEST PIER TWO

O TEST PIER THREE

@ TEST PIER FOUR

Figure 63, Variation of k tané as a Function of the Effective
Working Length of Test Piers One through Four .

LLT




178

Since the data pfesented in Figure 63 is approximately a

quadratic function, the values of k tané are small for long piers, ‘This
tends to support the theory proposed by Vesic (43) that the value of the
shear stress becomes a constant after a certain depth with deep piers.’

Vesic explained this on the basis of arching in sands. It is not pos-

sible to hypothesize any other cause for this from the results of th}s
study,

: Little research has been done in determining the average values
or the limiting values of shear stress for deep foundations; The fore-
most researcher in this field has been Vesic.  From buried and driven
piles in sand he determined the value of the horizontal earth préssure
coefficient at the limiting (failure) stress condition. This permitted.
him to use the soil strength defined by the Mohr-Coulonb criferia. The
values he determined from buried four-inch diameter éteel piles in sand

of various lengths are shown in Table 7.

Table 7. Values of Horizontal Earth Pressure Coefficient
for Buried Piles in Sand (After Vesic, 43)

S0il Consistency k
Loose Sand 1.6
Medium Dense Sand 2.2
Dense Sand 3.3
& = 320 tand = 0.625

NOTE: k determined from initial portion of load
distribution curve.

R Y R ettt
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The limiting values of the coefficient of earth pressure deter-

mined from tests on drilled piers in weathered rock are presented in

Table 8.
Table 8. Values of the Coefficient of Horizontal
Earth Pressure Cbtained from the Limiting
Average Shear Stress for 18-Inch Diameter
Piers in Weathered Rock g
Skin Average .
Pier Yriction Length Total Shear -C = e
No. Load, Kips (Feet) Stress(1) L/2 k tans 2 .k tand .. k
1l 137.6 15 1,95 1.45 . 885 1l.64 2.18
2 176.0 15 2.48 1.98 .885 -2.24 2.98
3 168.2 22 1,62 1,12 1.3 .86 1,14
) 187.2 . 22 1.90 1.40 1.3 1,02 1.43

NOTE: 1. All diameters are 18".

2. The average value of ¢ = 37° (tan¢ = tand = 0.754).
3, ¢ = 0.5 ksf from lab test. :

A compariscn of Tables 7 and 8 show dissimilar values for the
limiting value of the horizontal earth pressure coefficient. The values

obtained from the field tests on drilled piers in weathered rock cover

almost the entire riange of vélues_given by Vesic for sands. Much of the

‘differences between the investigation performed by Vesic and this thesis

are:

1. The values reported by'Vesic were determined from controlled

labdratory tests on a homogeneous sand. The values obtained from this
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study are from plers constructed in a very heterogenepuﬁ granular cche-
sive s0il derived from the inplace weathering of rock.

2. Model sthdies)on four-inch diameter steel piles were used by
Vesic. The presented field results are on prototype {18-inch diameter)
.concrefe piers.

3. 1In Vesic's study the piles.were.buried during placement of
the homogeneous sand deposit. The piers for this study were drilled
into the scil,

h 4, The values of the horizontal earth pressure ccefficient
determined by Vesic were computed from the initial portion of the skin
friction vs. depth curve. The results presented in Table 8 are average
values for thelentire length of embedment. If only the initial portion

of the curve is used, the effect of length is neglected. The results

of this investigation show that the length must be considered. ~

Recent field testing by Vesic (76) of 18-inch diameter piles
driven into medium dense to dense sand near Savannah, Georgia, illus-
trate that the éverage value of k tané§ varies with the lengthnof'the

pile in an approximately quadratic manner. These results are presented

in Table 9.

The values obtained as part of this study, which are presented
in Téble.e, are compatible with the values présented in Table 9. Any
differences that are present are probably due primarily to the differeﬁt
soils involved and the different construction techniqﬁés which were

used.




181

Table 9. Average Values of k tand Determined from 18-Inch
Diameter Steel Pipe Piles Drive in Medium Sand
(After Vesic, 76)

Length (Feet) k tané (Average)

9.9 f 1.04
20.1 1.15
29.1 | o 0.93
39.3 0.87
49,3 0.72

End bearing also contributes to the support capacity of a drilled
pier in weathered rock. Figures 54, 55, and 56 show the relétive sig-
nificance of the end bearing support and indicate that the load reaching
the tip depehds en the piler length and diameter as well as fhe proper-
ties of the soil. In the elastic range the percentage of load reaching
the bottom of the pier is almost independent of applied load. When the
applied load exceeds the elastic range the perceﬁtage of load reaching
the hottom increases as diécussed earlier,

The instrumentation used in this thegis permitted the load in

the base of the pier to be measured. These measurements are shown in

Figures 35 through 38 and indicate that the load reaching the bottom
is very small. The maximum measured load reaching the bottom of the

pier is shown in Table 10.

e g g ey e
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Table 10. Measured Load in the Bottom of the
Pier for the Final Load Increment

Estimated
Ultimate Applied Load Load on
Caisson Load ‘at Suprface Bottom Stress on
Number  (Tons) (Tons)  (Tons) Bottom TST
1 108 100 31.2 17.7
2 110 105 17 8.7
3 120 90 5.9 3.3

Y 135 130 al.y  17.8

Table 10 shows values of end bearing stress which are consider-
ably less than those computed using the methods discussed in Chapter
IIT for determining the critical base stpess. The computed values of
critical base stress for a wide range of angles of internal friction
has been cémputed using the following methods:

1. Berezantzev (40).

2. Berezantzev, et.al.-(QZ).

3. Terzaghi (26).

4. Meyerhof (35).

TQe values of critical base stress determined by'thesé methods,

neglecting the cohesion compenent, is shown in Figure 64 for various

values of the angle of internal friction. These values may be adjusted -

to include the cohesion component of strength by multiplying the
measured cohesion (500 pounds per square foot) by the bearing capacity

factor Nc (assumed equal to 9) and adding the product to the vaiues

‘'shown in Figure 64,
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Figure 64. Computed Critical End Bearing Stress Computed from

Theoretical Methods and Compared to Observed Test Values
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This figure shows that the maximum values of base stress deter-
mined from this study where the soil had an average angle of internal
friction of 37 degrees are considerably less than those which may be
predicted using available theoretical soluticns and fheir associated
bearing capacity factors. This variation may be due to several
reasons:

1. The material at the bottom of the piers was not as strong
as that tested in the laboratory.

"2, The load reaching the bottom was greater than that indicated
on the.instruments.

3. The theoretical methods overestimate the tip capacity.

4. The displacement of the bottom was not great enough to per-
mit the ultimate load to be reached. ’

The material in the bottom was prcbably weaker than that tested
in the-laboratory since all the loose material .could not be removed
prior to concreting. A comparison based on the angle of internal
friction of the loose scil would make the field results agree more
closely with the theoretical results since the angle of internal frie-
tion of the léose métérial is less than that tested in fhe laboratory.

The deformation of the bottom of the pier was computed using the
procedure cutlined previousiy. The computed deformation at the bottom
is plotted as a function of the measured load in Figure 65. This
figure shows an initial increase in load and then a decrease in load
with increased deformation for test‘piers one and four. Then after

reaching a minimum value the load in the bottom increased rapidly with
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Figure 65. Load-Deformation Curves for the Bottoms of Test Piers
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additional bottom deformation. The curve for test pier one then

decreased after reaching the maximum value indicating that the base may

have failed. The load deflection curve for test pier four shows that
the bottom resistance is still increasing at a gradually decreasing rate
indicating that the soil is yielding.

| The curves for piers two and three show that the load at the
bottom is considerably less than forlpiers one and four, The deflec-~
tion% for the lcads in tests twe and three are also greater tham for
tests one and four. These erratic results can be explained on the
basis of the;bottom bearing cqnditions. During the drilling 0pefation
'it was impossible to remove all of the loose soil from the bottom of
the piers once the desired depth was obtained. Every effort was made to
clean out the bottom by vacuuming, since manual cleaning was impossible
for an 18-inch diameter shaft.

The curves in Figure 65 can be interbreted to show the degree of
remo&al of-loose material from the base. The comparison indicates that
there was a considerable quantity of loose material in the bottoms of
test piers two and three. Test piers one and four have less settlement

and greater load transfer than test piers two and three. Thus it may

be concluded that the bottoms of_piers one and four may'héve had léss_

loose soil in the bottom than piers two and three. The loose soil in

B e e T e i T T S et e T T

the bottom also appears to cause an indication of a greater tensile

e et

load. This indicates that a clean bottom will probably produce greater
end bearing capacity at less settlement than piers which have not been

adequately cleaned.
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Recommended Design Procedure

In the preceding sections the re;ults of this in?estigatioh ha&e
been discussed and comparéd with results from other studies. This sec-
tion will deseribe a method which can be uéed to design drilled piers.
Both load-carrying capacity and settlement are considered.. While the
method presented is primarily.for drilled piers in weathered rock, the -
general concepts can be used for piers in other materials.

Thé two mechanisms of support for drilled piers and other déep
foundations are skin friction and end bearing. A method.of evaluating
the load which may be cérriéd by each of these mechanisms will be
diséussed below,

End Bearing
The test reéﬁlts indicate that the actual load carried by end

bearing at failure is considerably less than that which may be predicted

. by available theories, One reason for this may be that the bottom of

-the small diameter piers could not be cleaned out properly.

From the results of tests performed on 18-inch diameter drilled

piers in weathered rock, it is not possible to establish a design pro-

cedure for end bearing capacity. For small diameter piers (which caﬁ--
not be cleahed out properly and cannot be inspected by lowering a man

into the drilled hole) it is recommended that the end bearing capacity
be neglected in computing the ultimate load. Any end bearing capacity
which is achieved will reduce the settlements and also add to the com-
puted capacity resulting in a conservative design. In larger diameter

piers, which may be properly cleaned andpinspeéted, it is recommended
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~that the base capacity be included in computing the designlcaﬁacity.
The exact value of base capacity is difficult to predict. Other
researchers (43, gg,‘gg).have found that Berezantzev's (67) method of -
._ predicting the critical base stress fits the results of experimental
.teét data better than any other available method. The beét available
method to use could not be determined frbm this study due to the com-
plications discussed above. TFor this reason it is récommended that
Bereﬁantzev's method be employed to compute the ultimate critical base
stress for drilled piers in weathered rock when conditions are févor—
able for its inclusion. In order to use any of the end bearing formulas
the strength parameters.of the soil must be known. For end bearing it
is recommended that the lowest quartile of available strength results
fdf the material beneath the pier tip be used, and the effecfive over-
burden pressﬁre should be adjusted to comsider arching of the soil (B7).
Even though test data indicétes that the theoretical end bearing
capacity was not attained, the field test results and finite element
computer solution indicate that the rigidity of the bottom affects the
immediate settlement characteristics. This is indicated by comparing
the settlements of the piers deriving their'lﬁad—carrying ability from
‘skin friction &lome to the piers which derive their loéd-carrying
ability from.a combination of skin friction and end bearing, Piers
supporfed by skin friction alone settle more than those sﬁppqrted-by él
combination of skin friction and end bearing and have less léﬁd~ |
carrying ability. The test results indicate that the benefit of bottom

support is far more important for settlement considerations than for

ma——iem e p otaT a Tt — — L oo
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ultimate capacity considerations. The results show that a small amount-
ﬁf bottom support helps a.great deal for settlement.qonsiderations but
does not greatly affect the load-carrying capacity. This shows tﬁat
both end bearing and skin friction act together from a settlement
viewpoint but act independently from a load-cafrying capacity view-
point. |

The previous discussion shows that the immediate settlement of a
pief aepends on the.rigidity of the soil below the base, the rigidity
of the surrounding soil, and the effect of heterogeneous soil condi-
tions. In general, for a homogeneous soil, the softer the ;oil the
more the settlement. The inclusion of a hard zone along the side of
tﬁe pier will distribute the load into the surrounding soil and reduce
the seftlement. The settlement which a pier wiil undergo due to an
applied load is difficult to predict. At present the most feasible way

to predict settlement is from previous load test data as presented in

IAppendix B, or by testing a small scale pier and extrapolating these

results using elastic theory as long as the load remains in the elastic
range.

Des%gn Procedure for Skin Friction

The test results indicate that a large majority of the load-

~ carrying capacity of a drilled pier in weathered soil is developed in

skin friction. The skin friction capacity has been shown to be
affected by the soil weight, soil modulus of elasticity, and gecmetry

of the ﬁier. In addition, the skin friction capacity is affected by

. the moisture content of the soil and ground water level which can be

.r.l[, T‘ - e :!df‘ﬂ'T.‘.. e m i tim e mmm e e
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faken into account in the shear stréngtﬁ and the effective bverburden
pressure. The curves presented in the beginning of this chépter can be
used to determine the ultimate skin.friction capaéity of a drilled pier
_in weathered rock. Figure 63, obfained from field tests in weafhered.

rock, can be used for determining a value of k tan$ for use in computing

-the average ultimate value of skin friction according to:

; e + Xk | |
(Ta)ult C, + 5 k tané | (28)
Equation (28) can also be used to determine k tand for loads
which are in the elastic range of the load-settlement curve. In the

elastic range Equation (28) becomes

Yo Ly tans (29)

where k is now the elastic coefficient of horizontal earth pressure.

'Using Equation (29), eguations will be developed for cohesionless soils

and cohesive soils. For cohesionless soils the following equations can

be derived.

o _
=YL R S :) - -
T 5 k tand S _ {30)
h fr-Ts CL ek tans '
_Then e = v an . ) :(313
(l—PB/PB)PT

3 = k tand _ (32)
ymeL :
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Several curves for different diameter and different length
piers indicating values of the average shear stress computed from the
elastic finite element solution are presented in Figures 88 through
93 in Appendix C for a banded elastic soil. These curves are colinear
with the curves cbtained by usihg Equation (32} and can be used to
predict the average shear stress in the so0il while the pier scil system
is still in the elastic range.

These ‘curves have been used to develop a relationship between
piers ha§ing different geometric properties. This can be accomplished
by equating Equation (32) for one size pier to another size pier.

This results in an algebraic identity as follows:

{1 - P /P )P:] 2
[: BT hmr Loy _ {k tané)

R v (33)
El - PB/PTﬂn mmm n

In Equation (33) the soil pr0perties and the method of placement
are considered by the ratio of the base load to the applied load (PB/PT).
This ratio is also dependent on the length and diameter of the pier as
shown in Figure 5%,

Equations (30) through (33) can be adjusted to consider éﬁe
cohesive stfength of the soil. This is doﬂé by reducing the load taken
by skin friction (PT-PB) by an amount equal to the cohesive strength

multiplied by the effected surface area of the pier. When this is

done the resulting equation becomes
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(k tané)n

— = (3y)
(k tapG)m

Equation (34) can be used for soils having cohesive strength and
an angle of intermal friction. For purely cohesive soils the k tand
term is not applicable and the skin friction capacity should be computed
-on the basis of adhesion between the shaft and the cohesive soil. This
method of analysis is described extensively in the review of literature
presented previously.

Equations (33) and (34} can be used to develop data for each site
and construction technique similar to that presented in Figure 63,
Curves like this may be developed from a test pier at a particular site
by knowing the applied load, load at the bottom, ground water level, the
density of the soil, and the load diétribution in the pier shaft. Since

instrumentation for the load distribution in the shaft is very

expensive, it is recommended that the total length concept, as pre-
sented in Figure 62, be utilized.

The curve in Figure 62, which is computed on the basis of a 15-
foot iong pier can be reconstructed for any length pier by utilizing
Equation (33) or Equation (34). The resulting curve will show the §alue
of k tand for a particular applied load on a pier having'support condi-

tions similar to those tested as part of this investigation.
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This ppocedure should not be used for piers having a ratio of
length to diameter less than ten. This is because of the inability of
the upper few feet of a deep foundafion‘shaft to develop load transfer
conditions which are as effective as they are at greater depths. This
condition is illustrated in Figures 34 through 37 and in Tabie 5 for the
site and construction conditions wutilized in this investigation.

The method of determining the skin friction capacity of a
straight foundation shaft in soil will be illustrated in an example
~ problem at the end of fhis chapter.

Des%gp'Procedure for Settlement

In many instances the settlement of piers is a more critical
consideration than its load—cafrying capacity. The selection of a
deep foundation is generally made when excessive settlement cannot be
tolerated and/or high foundation loads are anticipated. Thus, the
design of a deep foundatioﬁ must include both settlement and load-
carrying ability. The tests performed on drilled piers in weathered
rock made it possible to establish a method for predicting the settle-

ment which a pier will undergo. The procedure presented below considers

the short term settlement ?f drilled piers in partially saturated
weathered rock.

Consolidation tests performedkon the weathered rock show that
the soil does nbt have significant long term settlement charactefistics.
Thus the method presented below is justified for partially saturated
weathered rock if it is assumed that the load will not shift from skin

friction to end bearing with time. This load shift did not occur
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during the time increments (up to one day) tested (Table 1) for loads
in the range of the design loads.

Before the settlement can be computed the given loading condi-
tions must be known. Once the design load is known it should be multi-
plied by a factor of safety to determine a desired ultimate load.
Knowiné the ultimate load required and the design load, the dimensions

of the pier can be determined from the procedure discussed previously.

Once the desired ultimate load is known it must be decided if this

load is to be transmitted to the soi; entirely by skin friction or by
a combination of skin friction and end beariné. Knowing the locad
support mechanism and the desired ultimate load, the settlement under
a given loading condition can be determined from Figure 66.

The two curves presented in Figure 66 have been obtained from
data discussed earlier in this chapter and presented in FigureJ46. The
curve for piers deriving their support ability from end bearing and
skin friction is the average of the data for test piers one through
four. Using the results from test piers five and six, a curve is

presented in Figure 66 to represent the deformation of an axially

loaded, straight shaft, drilled pier deriving its entire support from
skin friction alone.

| " The settlement of a pier can be estimated from Figure 66 by
entering the ordinate with the inverse of the factor of safety under
ultimate loading conditions. Then proceed in a direction parallel to
the deformation axis until the curve for the desired support mechanism

is intersected. From this intersection point the settlement is deter-
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mined by proceeding in a direction parallel to the ordinate until the
deformation axis is intersected. The procedure for determining the
settlement is illustrated by the dashed lines in Figure 66.

Whitaker and Cocke (22) have shown that for Londoﬁ clay the

. relationship presented in Figure 66 is independent of length or

diameter for a straight shaft pier. These parameters are considered
in determining the load-carrying capacity only.

A number of other curves for pier tests performed by others are

‘shown in Appendix B for various soil conditions. These curves all show

the same general trend of the deformation as a function of the per cent
of ultimate load but there is a wide variation in the actual numerical
values. The variation is probably due entirely to variations in soil
and construction techniqués as well as testing techniques. A compari-
son of these curves with the data obtained from this study indicates
that.it_may be prudent to design for settlement considering the entire.
load to be carried by skin frictien,

The results.of tests by Vesic (Zﬁ) and Dubois (EER 37) indicate

that the settlement is independent of the pier dimensions and is only a

function of the applied load in the initial or elastic portions of the
load settlement curves. This is also indicative of the results obtained
from test piers one through four as shown in Figure HS.I These results

show that the settlement of the pier in the elastic portion of the load-

- settlement curves can be predicted based on the load settlement curve

for another pier in the same soil if identical construction techniques
are used and if there is a well-defined initial.linear portion of the

load settlement curve.

|
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Summary of Design Procedures and Example Problem

Since this investigation has shown that.skin friction is fhe
§rimary contrelling influence in determining the capacity of a drilled
pier in weathered rock, the ultimate capacity should be based on its
éonsideration alone when the bottom conditions cénnot be assured. The
'design'procedure can then be broken down into sevéral distinct steps:

1. Determine the soil properties of the site in questioﬁ.

2. Determine the desired design and/or ultimate load capacity.

3. Using curves similar to Figure 62, determine the value of
k tand for some normalized length diameter and percentage of load taken
by the base. (Addltlonal values of k tand for an elastic banded soil
can be oBtained by using the average shear stress values in Appendix C
in conjunctioﬁ with Equation (32).)

4, Select a trial length and diameter,

5. Determine the amount of load to be carried by skin friction
using data presented in Figure 56.

-6, If the soil at the site has some cchesive strength, use

Equation {34) to determine the k tan§ for the particular length,
diameter and percentage of load taken by the base. Previous investi-
gators have shown that if you are deéigning for ultimate conditions,

dnly about 45 per cent of the laboratory cohesive strength is effective

_'at_ ultimate load. Thus the C_ indicated in Equation '(34) should be

equal to 45 per cent of the laboratory cohesive strength. If the soil

at the site is cohesionless, use Equation (33) to determine the value

- of k tané for the particular length, and diameter selected,
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7. Compare the value of k tand obtained in step six with avail-
able data oﬁ thé limiting values of k tané similar to those presented in
Tables 7, 8 and 9. If the value of k tand cbtained in sfep six is
greater than the limiting values for the particular construction tech-
nique, new trial dimensions will have to be selected and steps four
through seven repeated.

The above procedure should be tested in the field to determine
.the true vélues of PB/PT and k tand for some test pier under actual con-
 struction conditions if data are not available for the desired condi-
.tions. If a field testing program is not conducted a factor of safety
of at least 2.5 should be utilized when end bearing is neglected. If
reliable field data is available, a factor of safety of two cah be
utilizéd if the end bearing is not computed. This factor of safety is
baﬁed on the total applied load and not on the load taken in skin
friction.

Aftef the desired dimensicns and loéding conditions are known,

the settlement of the pier under a certain loading conditien can be

-

‘determined. Figure 66 or the figures in Appendix B can be used to
deteﬁmine the settlement if the site conditions permit. If a 1oad test
has been performed at the site under tﬁe same conditions of cohétruction
the Seftlement can be computed from the initial linear segment of the
-load settlement curve. The following exémple will iliustrate the -

design procedure outlined above,

R i e e o W ot wi e e — —— e rr————————
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Illustrative Examples _ K ?f

Example One

On the site where field testing was performed as part of this

thesis, it is desired to support a structure on a deep foundation. A
structural engineer has indicated that there are 50-ton column loads.
Assume that drilled piers have been selected because previous experi-

ence in the area has indicated they are the most economical solution

to the problem.

L. Soil exploratién has shownlthe ground water table to be at
26 feet below finished grade and the soil has a cohesion of 500 pounds
per square foot.

2. Since field test data are available, a factor of safety of
two will be utilized. Thérefore design the pier for an ult;mate load
of 100 tons. \

3., Figure 62 shows that a value of k tané = 2.1 can be used for
a iS-foot long pier 18 inches in diameter having a PB/PT = 0,25,

%, Try a pier having a length of 20 feet and a diameter of 18
inches.

5. L/D = 20/1,5 = 13.3.

Figure 58 indicates that PB/PT for this L/D is approximately -
0§25'

6. From Equation (34),




— T i

R S T T T s Rt ey

200

Fr-Pg
Lm rL |jn 2me :
{k tané)n_

: (k tana)m
L Pr-Fg 5
nl| oL Jm = "€

- QW(O.HSKSOOE]

15-2000(100-25)
(1.5)(20)

= 1,075

%]

]
A
1

{k tané)_ = 2.
n

2000(100-25) o
lzo (e -2n(0.'45><500£|

7. By comparison of the computed value of k tand = 1.075 with
the data in Table 8, it is seen that ;his value is safe, Examination of
Table ‘9 shows that a value of k tané = 1.075 is also safe for a 20-foot
pile in sand but the total capacity will be greater than 100 tons
because the dri§en piles have.a greater amount of load taken in end
bearing than the 25 per cent indicated by the test piers at the site in
questiomn.

8. The settlement is determined to be €.05 inches from Figure
66 for a PT/PU = 0.5.

Example Two
Assume that a structure is to be founded on a site where the soil

has a combination of properties which is between the soil on the site of

this investigation and the soil on the site used for Vesic's (76)

investigation. It was determined that the maximum cohesion that can
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be developed is 200 psf and the ground water is 45 feet below the }

ground surface. Using an 18-inch diameter drilled pier determine what

the allowable total pier load can be. It is required to determine the

settlement of the top of the pier under this load.

l. For ease in construction the pier 1engthlshould be liﬁited
to 40 feet to avoid the ground water and highly saturated soil.

2. The pier will then be 40 feet long, 18 inches in diameter

(L/D = 26.7) and will be embedded in a soil having a cohesion of 200

~ psf.
3. From Vesic's (76) work a value of k tané = 0.86 is determined

for a 40-foot shaft.

" 4, TFrom the elastic solution and from field experience we can

only expect that 10 per cent of the load will reach the base of the pier
(PB/PT=0°10)'

5. Using the following data from test pier four,

-PB/PT = 0.25

PT = 135 Teons = 270,000 lbs,

k tand =.1.02

L = 22 Feet _ D = 1.5 Feet

6. Assume that the full 500 psf cohesion was developed at the

X test site due to the caution that was exercised during comstruction

‘and the low level of saturation,
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7. Utilizing Equation (34):

. Po(1 - PB/PTi] .
TV m DL m 7 ™m

. Pp(l - PB/PT31 e
Yoi“m DL In " ™n

(k tan&)n

Assume the soil at each site has the same unit weight

270,000(1-0.25) :
40 { R - w(soo)}

| 1.02
P (1-0.10) ]} 0.86
29 T3 x50 “(QOO)J =

PT = 504,000 ibs = 252 Tons
8.. Since there have not been any load tests performed at the -
site, use a factor of safety of 3.0.
9, The allowable load is 252/3.0 - B4 Tons.
10. The settlement at a ratio of applied load to ultimate load

of 0.33 is 0.02 inches from Figure 66.
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CHAPTER VIII H

CONCLUSIONS

The following conclusions apply to the behavior of drilled piers

in weathered rock:

1. The total capacity of a small diameter drilled pier can be
conservatively estimated on the basis of skin friction considerations
- _oﬁly. - The ability of a small diameter pier to sustain lcad in end
bearing is limited by the ability to remove the loose soil after
drilling. |

2. The elastic finite element computer pnograﬁ and the field
tests indicate that as the depth-to-diameter ratio increases, thé
peréentage of applied load reaching the base of the pier decreases.

3. The elastic finite element computer program indicates that
the load disfribution pattern along the sides of a drilled pier depends
upon the soil properties and the geometry of the pier itself. Both of
these aspects have been shown by others to be functions of construction
techniques and duration of load. Therefore the load distfibution pat-
tern as well as the ability of a pier to support a load depends not
oniy on the virgin stiffness and strength of the soil éystem bﬁt also
upon the éonstruction téchnique employed,

4; Excavation of a pier after load testing hés shown that fbr
a depth of about one diametér beneath the surface only 20 per cent of

the concrete surface is in contact with the soil. This increases to
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90 per cent at a depth of two diameters. This factor must be considered

..when determining the capacity of a drilled pier.
| .5. 1f, after several loading cycles, the load is removed, the
net settlement fof the last cycle may be less thén at the beginning of
thé loading cycle because of the time-~dependent nature of the load
settlement relationship and because of the load 1evei attained during
_'fhe particulér loading cycle.
| - 6, Severai relationships were determined or confirmed for the
settlemeﬁt of drilléd piers: |
| | a. Yor the same.load, or percentage of ultimate load, piers
which derive their support capability ffom skin friction alone
- settle more than piefs which derive their support from a combi-
nation of skin friction and end béaring if the geometric prdpér—
ties .are identical. This was determined to be the case even
though the amount of load reaching the bottom of a bottom-
supported .pier was less than about 20 per cent of the applied
lcad. |
b. The amount of settlement necessary to mobilize the
maximum amount of skin friction is practically constant for
piers of different lengths. This, to a certain extent, coﬁfirms
other}s conclusions that skin friction is a function of absolute
di;placement and not a function of length or diameter,

¢. The elastic finite element computer solution did not

accurately predict the settlement of a drilled pier using.values

of the modulus of elasticity determined from laboratory tests on
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undisturbed samples, The settlements predicted by the computer
solution were eight to ten times greater than those experienced
in the field. This was prdbably caused by the_effect of sample
disturbance and test conditions as well as the previouslyF
méntioned conclusion that settlement canunot be expressed as a
percentage of some pier dimension, |

d. The results of this study have shown that piers embedded

in a common material with similar leoad support mechanisms exhibit

a similar relationship between percentage of ultimate load and

absolute displacement. Thus if the ultimate load were known,
the settlement of a pier could be predicted from load test data
from another pier in similar soil.

7. The horizontal earth pressure coefficient was investigated

utilizing the field test data and the elastic finite element computer

solution. The following conclusions apply to this study:

ar g

a. For residual soils similar to those in the Atlantz area
the use of an avérage”value of.skin friction and thus horizontal
earth pressure coefficient is more significant than utilizing
individual values which may vary for each layer of material in
the sépfolitic injection complex,

b. The average worﬁing and limiting values 6f thé_horizontal
earth_preésurelcoeffibient decrease with an increase in pier

depth in approximately a dirvect proportion to the square of the

'pier length and are also'dependent to a leSSer-degree on the

pier diameter and modulus of elasticity of the soil. Thus if

L T R e P e e
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the average horizontal earth pressure is known for one pier

.length, it can be estimated for any other pier length if the

entire lengths of the piers are in similar soils.

¢. The value of the horizontal earth pressure coefficient
varies aleng the length of the pier because of the different
displacements throughout its length and because of the variations
of effective contact area in addition to the variance of mater-
ials. The displacements vary because of the amownt qf'iOad
rehovéd by skin friction and the effective afea of éontact is
dependent primafily on debth below ground surface and construc-

tion technique.

8. The computer study iﬁdicated that as the modulus of elas-

ticity of the material in the bottom of the pier increases, there is

a correspoending increase in the amount of load which can be effectively
'transﬁitted to the bottom of the pier. For this reason it may be épn—
|.- _ - ¢luded that for small diameter piers which cannot be adequately cleaned,

there will be less load reaching the bottom than for a similar size
driven pile which compacts the soil instead of loosening it during

placement.

9. Theoretigal considerations indieate that the modulus of
'elasficity of the pier itself has little effect on fhe behavior of the
pier since it is several orders of magnitude_greater than the.surround—
. ing soil.

10. The field determined load distribhtion patferns indicate

that the support mechanisms of skin friction and end bearing act

Oy gemgyn STy e o e g e e e
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practically independently. This was illustrated by the parallel nature

of the load distribution diagrams.
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SOIL DESCRIPTION

0

STANDARD PENETRATION

10 20

4060

209

Stiff Light Brown Fine-to-
Medium Sandy Micaneous Silt .

I—Y

oo, =
QO wun

4.0

16.0

24.0

- 28,0

"30,0

Very Stiff Light Gray Medium-
to-Coarse Sandy Silt with Rock
Fragments

Hard Weathered Rock

Hard to Very Hard Tan'Slighfly
Clayey Fine Sand with Rock
Fragments

Very Dense Light Gray to White
Slightly Micaceous Sllty
Medium Sand

Firm Light Gray to White Slight-
1y Micacsons Silty Sand

BORING TERMINATED

R el st 1T T W e Rt

. Undisturbed Sample

_¥_ Ground Water Table’

Figure 67. Soil Test Boring A
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i oo
| DEPTH' , STANDARD PENETRATION, N
i | 00.0 SOIL_DESCRIPTION 0 10 20 40 60
-'_ . Stiff Light Brown Sandy

Micaceous Silt #

7.0 L

i Dense Light Brown Silty L
. Fine to Coarse Sand

- S 10 . ‘

. Very Stiff Light Gray to Tan { -

i Fine-to-Medium Sandy Silt
1V

!: Very Stiff Gray to Light

i Brown Fine-to-Medium Sandy

o Micaceous Silt

il 27.5

I BORING TERMINATED

)

r : : . Undisturbed Sample

!'J' ’ . v | :

13 . ==~ Ground Water Level

.I'I

Jf Figure 68. Soil Test Boring B
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DEPTH STANDARD PENETRATION, N
00.0 SOIL DESCRIPTION 0 10 20 40 60 100

Very Stiff Brown Fine-to-
Medium Sandy Micaceous Silt

3.0 = ——— — —

Hard Brown Fine-to-Medium
Sandy Micaceous Silt

Bob——
N Very Stiff Gray Fine-to- .
. | Medium Sandy Micaceous Silt
18,0 jith Rock Fragments o oo

Stiff Brown Fine-to-Medium .
Sandy Micaceous Silt with
Rock Fragments )

| . LN
2.0 pm———————— — |

Hard Light Gray Fine-to-
Coarse Sandy Micaceous Silt v

34.0 Very Stiff Brown Fine Sandy '
36,0 ery Micaceous SILL ®

BORING TERMINATED

. Undisturbed Sample

__!__ 'Ground Hafel? Lavel

Figure 63, §Soil Test Boring C
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Very Stiff Light Brown Fine -
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DEPTH STANDARD PENETRATION, N

0.00 SOIL DESCRIPTION ' 10 20. 40 B0 100

Stiff to Very Stiff Light
Brown Fine Sandy Slightly
Micaceous Silt

13.0— _ —

Hard Light Brown Fine Sandy
Slightly Micaceous Silt

23,0 === —— —— —— ——— —— —

Very Stiff Light Brown Fine

26.0

Very Stiff Light Brown Fine
Sandy Micaceous Silt with
LBack. Tragmants

Sandy Micaceous Silt

36.0

BORING TERMINATED -

Undisturbed Sample

4

- Ground Water Level

¥

Figure 70. Soil Test Boring D
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STANDARD PENETRATION, N

DEET‘; . $OIL DESCRIPTION 0O 10 20 40 60 100

Very Stiff Light Tan Fine-to-
Medium Sandy Micaceous Silt

9.0 —— —— —— — ——

Hard Light Brown Fine-to-
- [Medium Sandy Micaceous Silt
Ml l———— e

Very Stiff Light Brown Fine-
to-Medium Sandy Micacecus Silt .

20.0

Hard Gray Fine-to-Medium
Sandy Micaceous Silt

24, O p— —— e ]
Very Stiff Gray Fine-to-
Medium Sandy Micaceous Silt

28.0 [45rd Brown to Gray Medium-to- '-:.

[Coarse Sandy Micaceous Silt
30.0 .

. BORING TERMINATED

. Undisturbed Sample

_!_ Ground Water Level

Figure 71. Soil Test Boring E
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AXTAL STRAIN, PER CENT
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109 Sample Depth = 25.0 Feet

25.6 Feet

18

20 =

Figure 72. Results of Triaxial Shear Testing on Sample
from Boring A at a Depth of 25 Feet
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AXIAL STRAIN, PER CENT
p
L
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20-

Sample Depth = 14.3 Feet

14,9 Feet

Figure 73. Results of Triaxial Shear Testing on Sample
from Boring B at a Depth of 15 Feet
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Figure 74. Results of Triaxial Shear Testing on Sample
from Boring B at a Depth of 15.6 Feet
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Figure 75. Results of Triaxial Shear Testi_ng on Sample
from Boring D at a Depth of 25.5 Feet
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" NUMBERS REFER TO DEPTH OF SAMPLE

Figure 786, Results of Triaxial Shear Testing on Sample

from Boring D at ‘a Depth of 20 Feet
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Results of Double Rji

ng Shear Testing on Samples
from Test Pier Two

Figure 78.
. 4t a Depth of 1% Feet
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Figure 79. Results of Double Ring Shear Testing on Samples
from Test Pier Three at a Depth of 22 Feet
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Figure 80. Results of Double Ring Shear Testing on Samples
from Test Pier Four at a Depth of 22 Feet
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Figure 81. Profile of Soil Density Variation with Depth,

Obtained from Undisturbed Soil Samples
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Figure 82. Profile of Moisture Content Variation
with Depth Obtained from all Samples Obtained
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Figure 83, Fraction of Ultimate Load vs. Deformation of the Top of the Pier for Piers in
: Predominately Clayey Soils in California (From Private Records of Dames and Moore}
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AVERAGE CURVE FOR HOLLY HILL PIER LOAD TESTS

.6 _
AVERAGE CURVE FOR CONWAY PIER LOAD TESTS
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0.2 O CONWAY LOAD TESTS--SKIN FRICTION ALONE

APPLIED LOAD/ESTIMATED ULTIMATE LOAD, PT/PU
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Figure 84. Fraction of Ultimate Load vs. Deformation of the Top of the Pier for Piers in
Predominately Clayey Soils in South Carolina {From Private Records of McKinney
Drilling Company)
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Figure 85. Fraction of Ultimate Load wvs. Deformation of the Top of the Pier for Piers

in Predominately Silty Soils and Weathered Rock in Atlanta, Georgia
(From Private Records of McKinney Drilling Company)
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DIAMETER OF PIER, FEET

PB/PT = 0.25 = 0.21

PB = Load Reaching Base
P, = Total Applied Load 0.19
E, = 84,900 psf (Soil Band 1)
E2 = 184,000 psf (Soil Band 2) = 0.
Ec = 41?;000,000 psf (Concrete)
Soil in Banded Layers = 0.
1.25 Feet Thick
=0
= 0.
I, I L 1 1 i 1 13 1
5 10 15 20 25 30 35 40 45

DEPTH OF PIER, FEET

Figure 86. 'Ratio of the Load Reaching the Base of a Pier to
the Applied Load for Various Depths and Diameters
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Figure 87. Ratio of the Load Reaching the Base of a Pier as a Function of
' the Length and Diameter of a Pier Embedded in an Elastic Media
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Figure 88. Average Shear Stress as a Function of Applied Load for
a 15-Foot Long Pier in a Layered Hastic Soil



