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SUMMARY

Seismic fragility models depict the structural failure probability under earthquakes and

play an essential role in planning mitigation strategies for, and prioritizing emergency

response after, a natural hazard. This dissertation concentrates on developing a new

generation of seismic fragility models for select concrete box-girder bridges in California

in terms of advanced numerical bridge models, comprehensive bridge component capacity

models, and robust seismic risk analysis methodologies. The dissertation �rst introduces

emerging modeling techniques that can improve the �delity of numerical models. Most

importantly, an abutment backwall fracture model is proposed to eliminate an enormous

error due to excessive lateral supports from abutment foundations in conventional

abutment models. In the aspect of capacity models, seven damage states for columns are

established based on a newly developed column dataset with 198 laboratory tests. Next,

appropriate geometrical and material uncertainties are identi�ed and applied in the �nite

element bridge models. Furthermore, to ensure that the 352 virtual bridge realizations

meet the design criteria in California, three sampling techniques are proposed to correlate

different uncertainties. After acquiring seismic response demands of bridge components,

several methods of establishing a probabilistic seismic demand model (PSDM), relating

structural seismic demand and ground motion intensity measurement, are examined. A

new method called modi�ed multiple adaptive regression splines (M-MARS) is proposed

to construct the PSDM. Following is the development of four-level fragility models, from

low-level component fragilities to high-level system fragilities. Ultimately, conclusions

are made based on the research �ndings and comparisons of results through a developed

bridge grouping method.

xxxi



CHAPTER 1

INTRODUCTION

1.1 Problem Description

Highway bridges play a crucial role in the transportation systems, yet past earthquakes

have demonstrated their vulnerability (Caltrans, 1994; Jibson and Harp, 2011).

Earthquake damage to highway bridges could cause signi�cant disruption to the

transportation network, delay emergency response, and �nally lead to casualties and

economic losses to communities. Therefore, understanding the seismic behavior of

highway bridges is valuable for pre-earthquake planning and post-earthquake responses.

Fragility analysis provides an approach for characterizing the seismic behavior of

highway bridges. A seismic fragility curve quantitatively depicts the vulnerability of

bridges with a conditional probabilistic measurement, which describes the probability that

the demand of a structural component or structural system exceeds a given capacity limit

state when subjected to a range of potential seismic events with a speci�ed measure of

intensity (such as pseudo-spectral acceleration at 1.0 second,Sa1).

It is well recognized that California is a state exposed to high seismic risk by historical

earthquakes. To mitigate potential impacts, the California Department of Transportation

(Caltrans) has deployed the ShakeCast platform (Lin and Wald, 2008), developed by the

United States Geological Survey (USGS), to estimate earthquake damage to highway

bridges in California. The ShakeCast platform combines capabilities of ShakeMap – a

map showing the severity of a ground-shaking broadcast in nearly real-time after an

earthquake – with pre-established fragility models for each bridge in California inventory

to provide post-earthquake situational awareness of damage to the transportation network

and valuable guidance for prioritizing emergency response and inspection. It is also used

1



as a planning tool to examine and mitigate the impacts of scenario earthquakes.

The operation of the ShakeCast platform posts the need for proper fragility models of

various bridge systems. The currently deployed fragility models in the ShakeCast platform

are HAZUS-based models developed in the 1990s (FEMA, 2003). By necessity, these early

models are too broad and simpli�ed to achieve the full potential for Caltrans application

in terms of the following aspects. (1) The estimation of bridge seismic performance is

based on simpli�ed two-dimensional analysis and compared to a limited set of damage

observations. (2) The bridge taxonomy is based on the limited data �elds available in the

National Bridge Inventory (NBI) and considers only limited bridge parameters. (3) The

damage de�nitions were broadly classi�ed as four bridge-system-level states, from minor

to complete, that can neither adequately account for Caltrans' post-earthquake inspection

and repair strategies nor be readily tied to bridge downtime and repair cost estimates. (4)

This early framework is not well aligned with Caltrans seismic design philosophy or the

California bridge inventory.

1.2 Research Objectives and Scope

This research seeks to add to the existing body of knowledge of bridge seismic fragility

analysis. The intention is to improve upon the HAZUS fragility models for the ShakeCast

application. Speci�cally, it broadly outlines procedures being adopted for the development

of 'Generation-2 Fragility (g2F)' models and illustrates the methodology for a select set of

modern box-girder concrete bridge classes. To achieve this goal, this study centers on

improving modeling �delity in terms of demand model and bridge uncertainty sampling,

re�ning damage state de�nitions, advancing the regression methodologies for highly

nonlinear seismic demand data, and establishing multiple-stage fragility models.

This dissertation summarizes research advances in the following areas:

� Applied emerging numerical modeling techniques to capture the seismic response of

bridge columns with different failure modes, including calibration of the numerical models
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against laboratory tests;

� Developed an improved abutment modeling scheme and incorporated new backwall-

connection models to account for backwall fracture mechanism;

� Compiled a literature-based dataset summarizing the performance of 198 laboratory

column tests, including systematic characterization of specimen detailing, testing

parameters, and damage states as a function of load-displacement response. These column

designs were further grouped for different design eras and failure modes to support the

development of a family of capacity models;

� Developed an extensive analytically based column performance data set using the

validated column models for the same design era, and failure mode groupings noted

above. These analytical results are used to extend the literature-based experimental

�ndings, speci�cally for: 1) California bridge-column designs, 2) high damage state

performance, and 3) consideration of the effects of bent con�guration and boundary

conditions;

� Facilitated Caltrans development of a new system of column capacity limit states

involving eight states (including `no observable damage') for each of the design eras and

failure modes noted above. These models are based on combined �ndings from the

experimental and analytical data sets noted above;

� Facilitated Caltrans development of comparable eight-state capacity models for other

bridge components including abutment backwalls and shear keys and column keys;

� Developed and implemented several sampling constraints for generating realistic

virtual bridge realizations for demand analysis which re�ect both bridge design policies

and observed California bridge inventory trends;

� Generated and completed three-dimension nonlinear �nite-element analyses for

models of several Caltrans bridge classes, including capture of the seismic response of

individual bridge components;

� Adapted advanced statistical regression techniques to model probabilistic seismic
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demand models (PSDMs) for highly nonlinear seismic demand data;

� Generated internally-consistent sets of fragility curves for components, component

groups, bridge regions, and the overall bridge system. This included de�ning unique

bridge-system fragility curves conditioned on different component subgroups;

Although this study is primarily centered on modern box-girder bridges with ductile

seismic design details, it also considers some numerical modeling techniques and capacity

models applicable to bridges with pre-ductile design detailing.

1.3 Dissertation Outline

The remaining content of the dissertation is organized into the following chapters:

� Chapter 2 is an overview of existing literature regarding bridge seismic fragility

models, including the current state of practice and research studies on demand modeling

of bridge system(s), damage state system, development of probabilistic seismic demand

models (PSDM), as well as the development of bridge fragility.

� Chapter 3 presents the demand modeling methodologies for multiple

components/objects in the bridge system. Speci�cally, modeling procedures for columns

with �exural or shear failure modes and several abutment components are discussed.

Simulation results are compared against the experimental tests.

� Chapter 4 details the development of column capacity models. After �rst describing

the work in compiling the literature-based experimental dataset, the column bent

redundancy effect is identi�ed and included in the column capacity model. In addition,

this chapter brie�y discusses capacity models for other bridge components.

� Chapter 5 focuses on sampling procedures for bridge component details and

mixtures needed to create virtual bridge realizations which re�ect authentic bridge design

in California. Of particular note, this chapter identi�es realistic design constraints on

random sampling procedures – such as the speci�cation of column-foundation designs to

be compatible with column-hinge capacities – and ultimately proposes a modi�ed

4



sampling procedure to account for such constraints.

� Chapter 6 outlines the statistical framework adopted for the development of

fragility models starting from a Probabilistic Seismic Demand Model (PSDM) coupled

with a Component Capacity Limit State (CCLS) model. This chapter outlines alternative

regression methods and adopts a hybrid strategy that is well suited to the handling of

highly nonlinear seismic demand data. This chapter also describes roll-up procedures

adopted for the development of component-group or system-level fragility models from

the base component models and outlines an innovative method to group bridges based on

system-level models.

� Chapter 7 summarizes the research and draws conclusions. Anticipated impacts of

the work and suggestions for future research are offered in this chapter as well.
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CHAPTER 2

LITERATURE REVIEW

Since 2008, the California Department of Transportation (Caltrans) has used the

ShakeCast (Lin and Wald, 2008) alerting system to provide early situational awareness to

emergency managers. ShakeCast uses a combination of ground-shaking maps – created in

nearly real-time by the United States Geological Survey (USGS), coupled with

pre-calculated bridge fragility models – to estimate the bridge damage rapidly. This

research outlines methods applicable to the development of fragility models for concrete

bridge types representing roughly 75% of California's bridge inventory and demonstrates

these methods for a subset of concrete bridge classes. This chapter �rst reviews the

general framework for fragility modeling, then provides a more detailed look at existing

practices for the modeling and capacity de�nitions of two critical bridge components,

columns, and abutments. Subsequent chapters detail advances in modeling these

components better to support overall bridge seismic risk evaluation for California bridges.

2.1 Framework of Seismic Fragility Analysis

A seismic fragility model is speci�ed under a seismic ground motion intensity. As

represented in Equation 2.1, a fragility model depicts the probability of a structure

reaching a damage state (DS) given an hazard intensity parameter, or Intensity

Measurement (IM).

F ragility = P(DSjIM ): (2.1)

Expert opinion, empirical, and analytical analysis are three widely-used methods to

develop fragility curves. Expert opinion fragility curves are built using an estimation of its

percentiles provided by experts, which is highly subjective and primarily relies on the
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seismic experience of experts (ATC, 1985). Empirical models are developed based on the

damage level of past hazard events, offering an expected value to a database of structure

damage observations. Limitations of the empirical method include the scarcity of detailed

damage data along with the limited magnitude range and geographic regions where

damaging earthquake motions have been recorded (Basöz et al., 1999a; Basöz and

Kiremidjian, 1999b; Yamazaki et al., 1999; Shinozuka et al., 2000a).

Due to the limitations of the expert opinion and the empirical methods, analytical

fragility analysis is frequently adopted. Analytical fragility analysis is conducted with

numerical simulations accounting for uncertainties embedded in design parameters, such

as bridge geometry, materials properties, and ground motions. The fragility model in this

method represents the probability of conditional demand (DjIM ) exceeding capacity (C)

corresponding to a speci�c damage state:

F ragility = P(D � CjIM ): (2.2)

If the capacity is expressed as a cumulative probability functionFC (�) and a structural

demand given an intensity measurement is assumed to have a probability density function

f D jIM (�), the above probability in can be written in a convolutional form:

P(D � CjIM ) =
Z 1

�1
FC (x)f D jIM (x)dx (2.3)

Based on different methods of acquiring seismic demand values, analytical fragility

analysis is further categorized as elastic spectral method (Hwang et al., 2000), nonlinear

static analysis (or capacity spectrum method) (Dutta and Mander, 1998), and Nonlinear

Time History Analysis (NLTHA). Compared to the other two, NLTHA has been identi�ed

as a more reliable method (Shinozuka et al., 2000b) in terms of prediction the structural

seismic demands.

The conditional probability distribution of seismic demand in Equation 2.2 is
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established by Probabilistic Seismic Demand Model (PSDM) through analysis of bridge

classes subjected to different ground motion intensities. Based on the way of selecting

ground motions, multiple methods for establishing PSDM using NLTHA were proposed.

Formulated by Vamvatsikos and Cornell (2002), Incremental Dynamic Analysis (IDA) is a

method that involves scaling each ground motion in a suite until it causes

structure-collapse. The scaling approach raises concerns about unrealistic ground motion

frequencies that might not be representative of the seismic hazard of the site.

Multiple-Stripe Analysis (MSA) is then proposed in the work by Jalayer (2003), and

further discussed by Baker (2015), to overcome the scaling issue in IDA. Unlike IDA that

only one suite of ground motion is scaling to all IM, MSA scales unique suite of ground

motions for each targeting IM. While many researchers used this method to study

structural fragility, this method requires a suf�cient number of ground motions in a suite

to get a reliable estimation of failure probability. Moreover, both of IDA and MSA predict

failure probability at some speci�c IM, and cannot directly establish a continuous fragility

model.

Therefore, this research uses the cloud approach to establish PSDM due to its relatively

high accuracy and cost-ef�ciency compared to the other methods. Cloud approach conducts

NLTHA in a suite of ground motions which possesses nearly continuous IM, and then

generates the conditional demand probability distribution by regression analysis. By means

of regression, the continuity of the data is taken into account, thus minimizing the effect of

possible outliers.

Figure 2.1 demonstrates the basic procedure for developing fragility models and

implementation of these models into the ShakeCast platform. The �rst step is establishing

a proper ground motion suite for California earthquakes. The list of ground motions used

in this project was assembled by Caltrans using the NGA-2 database (see Appendix B).

Next, three-dimensional non-linear �nite-element models for different Representative

Bridge System (RBS) are built within the research-grade �nite element simulation
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Figure 2.1: Procedure for developing fragility models using the cloud method.

platform Open System for Earthquake Engineering Simulation (OpenSees) (McKenna

et al., 2000). NLTHA are carried out to obtain the maximum/average responses of

multiple pre-determined Engineering Demand Parameter (EDP).

Component capacity models establish the relationship between component damage

and one or more EDP's. To develop such models, experimental results related to bridge

component capacities are collected and organized to create limit state thresholds for all

bridge components and corresponding damage de�nitions. Speci�cally, this research

compiles a dataset for laboratory column test specimens based on an extensive literature

review. The dataset summarizes specimen details and damage state values. To

complement the limited data for the high damage states, calibrated �nite element models

are established to analyze the column till collapse, accounting for the effect of column

bent. The capacity models are ultimately developed considering different failure modes

and column bent effect.

A combination of PSDM and capacity models generates fragility models for different

components. A roll-up procedure is then applied to develop component-group and system
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fragility models.

In application, these fragility models will be assigned to each bridge in California

within the ShakeCast platform. Combined with the site-speci�c ground-motion hazard

determined by the USGS, the seismic damage risk for highway bridges can be estimated

for either individual events or on a uniform hazard basis.

2.2 Seismic Analysis of Bridge Components

The establishment of a demand model is critical, and the most computationally complex

step in fragility modeling. Among all the bridge components, the internal supports and

abutments are pivotal in the demand model due to their high nonlinearity and seismic

vulnerability.

2.2.1 ColumnModeling

In modern ductile design, bridge design policies have evolved to ensure the columns are

�exural critical in most cases. But back to early design eras, bridge columns were usually

lightly con�ned and thus tended to have a shear failure or �exural-shear failure during

earthquake loading. As depicted in Figure 2.2, a column is de�ned as �exural critical

if the shear force is always smaller than its shear capacity, whereas the other two types

of columns would touch the shear capacity line during the increase of shear force. The

difference between �exural-shear and shear critical columns is that a �exural-shear column

triggers shear failure after its yield displacement (Ghannoum and Moehle, 2012).

Various models for shear capacity and modeling of shear columns are introduced in

the literature (Umehara, 1983; Priestley et al., 1994, 1996; Sezen, 2002; Elwood, 2002;

Giannini et al., 2008; Ghannoum and Moehle, 2012; Jeon et al., 2015) and design codes

(Elwood et al., 2007; Caltrans, 2015d, 2018; AASHTO, 2010; ACI, 2014). The easiest

approach to consider a shear behavior is using theSection Aggregatorin OpenSees to

couple a shear behavior into a typical �ber section (Giannini et al., 2008). However, in
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Figure 2.2: De�nition of �exural, �exural-shear, and shear columns.

this method, the shear behavior is only considered at the sectional level, and it is dif�cult

to develop the relationship between shear stress and shear deformation. Other approaches

focused on developing a relationship of shear force and shear displacement. Shear failure

can be captured using a “zero-length” spring (or a shear spring). There are a few methods

available to de�ne a trigger condition of shear failure. Elwood (2002) proposed a shear

spring with a shear limit curve. Shear degradation is triggered when the demand value

reaches the shear capacity limit curveVu, as shown in Figure 2.2, which was de�ned to

happen at a drift ratio of 1%. In addition, the axial limit curve can also be implemented to

consider the axial failure after the shear failure occurs using a shear-friction model so that

users can model the column from the initial state to the collapsed state. Ghannoum and

Moehle (2012) proposed a trigger condition relevant to a rotation angle in the plastic hinge

length.

Among these methods, de�ning a zero-length shear spring is the most straightforward

and thus has been widely used. The most important step for de�ning a shear spring is to

�nd the shear capacity for a column. There are many existing shear capacity models, but

most are used in building columns. Due to different ranges of axial load ratios between

building columns and bridge columns, three shear capacity models applicable to bridge

columns are introduced in the following.
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Model proposed by Priestley et al. (1994)

Priestley proposed a shear capacity model based on experimental tests of bridge piers. He

proposed a model with three terms, concreteVc, steelVs, and axial loadVP . Priestley

pointed out the concrete shear capacity decreases as displacement ductility increases while

the steel term remains the same. Priestley indicated the compression angle as demonstrated

in Figure 2.3(a) was relative to the shear capacity, which also shows that the axial load term

is inversely proportioned to the compression depth of concretec.

(a) (b)

Figure 2.3: Shear capacity model proposed by Priestley et al. (1994): (a) demonstration of
axial load term; and (b) ampli�cation factor.

As the displacement ductility increases, the compression depth of concretec will

decrease. Therefore, the axial load component increases as displacement increases.

Moreover, increasing column displacement could result in a larger shear capacity when a

large axial load situation exists. The model is �nally represented in Equation 2.4, wherek

is an ampli�cation factor determined by Figure 2.3(b) and accounts for concrete material

softening; f 0
co is the compression strength of concrete;Ag is the gross area of the

cross-sections;ks is a multiplier for steel transverse reinforcement area. As suggested by

Priestley et al. (1994), for circular section,ks = 1.571; for rectangular section,ks is the

number of total transverse reinforcement number in a layer.Ah, f yh , ands are the area,
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yield strength, and spacing of transverse reinforcement, respectively;Dc is the depth of

core concrete. In the calculation of steel term,cot 30� accounts for the assumption that the

shear crack is about 30 degrees. In the term for axial loadP, M=V D is the component

shear span.

V = Vc + Vs + VP (2.4a)

Vc = k
p

f 0
copsi � 0:8Ag (2.4b)

Vs = ks
Ahf yhDc

s
cot 30� (2.4c)

VP =
D � c
2M
V

P (2.4d)

This model considers a shear crack angle in the transverse reinforcement term.

Additionally, the ductility modi�cation term is separated into two parts, which indicates

that the shear span ratio may affect the member ductility. However, the determination ofc

is not an easy practice in the calculation.

Model used in Caltrans (2015d)

Two terms named the concreteVc and the steelVs are considered in the Caltrans' shear

capacity model. The axial load effect is accounted in the concrete term with a multiplier no

larger than 1.5. The steel term is approximately equal to the model proposed by Priestley
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et al. (1994).

V = Vc + Vs (2.5a)

Vc = vcAe � 4
p

f 0
copsi � 0:8Ag (2.5b)

Vs = ks
Ahf yhDc

s
� 4

p
f 0

copsi � 0:8Ag (2.5c)

vc = f 1f 2

p
f 0

copsi (2.5d)

f 2 = 1 +
P

2000Ag
< 1:5 (2.5e)

For f 1, if calculate the shear capacity inside the plastic hinge region:

0:3 � f 1 = ( � svf h)=0:15 + 3:67� � � 3:0 (2.5f)

� svf h � 0:35 (2.5g)

If it is outside the plastic hinge region:

f 1 = 3:0 (2.5h)

Material softening effects are considered in Equation 2.5d, where� is the column

displacement ductility. However, as a model used for design, this model is more

conservative than other models.

Model proposed by Sezen (2002)

This model is adopted in ASCE speci�cations (Elwood et al., 2007) and other researchers'

works by the reason of its relatively high accuracy and easy implementation. Shear

capacity from steel is the same as the equations in Caltrans' model, while concrete
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component additionally considers the shear span, axial load, and material properties.

V = k(Vc + Vs) (2.6a)

Vc = �

 
6
p

f 0
copsi

M
V D

s

1 +
P

6
p

f 0
copsiAg

!

� 0:8Ag (2.6b)

Vs = ks
Ahf yhDc

s
(2.6c)

In Equation 2.6,� equals to 0.75 and 1.0 for light- and normal-weight aggregate

concrete respectively. Shear capacity degrades as displacement ductility increases,

following the coef�cientk, which accounts for material softening, and possible geometry

nonlinearity.

Figure 2.4: De�nition of coef�cient k in the shear capacity model proposed by Sezen
(2002).

2.2.2 AbutmentModeling

There are two general types of abutments in California bridge inventory, seat abutment

and diaphragm abutment (Figure 2.5). The inclusion of bearings denotes seat abutments,

while an integral connection of the deck with the abutment wall is a de�ning deature of

diaphragm abutments.

Figure 2.6 and Table 2.1 summarize seat abutment type �ndings from an inventory
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(a) (b)

Figure 2.5: Examples of abutment in California bridges: (a) seat abutment, and (b)
diaphragm abutment.

analysis of a sample of California box-girder bridges within three design eras. Abutment

choice has evolved from prevailingly diaphragm-type abutments in earlier design eras to

seat-type abutments in over 98% of bridges designed since the 1990's. As detailed in

Table 2.1, seat-abutment types B and C with the use of haunches on the backwall and/or

deck are limited mainly to bridges designed prior to the early 1970's. Modern bridge

designs in California use either a stem wall or cantilever wall with a straight backwall

and no haunch on the deck resulting a relatively small gap between the deck and straight

backwall having mean value of approximately 2.1 inch.

Figure 2.6: Conceptual illustration of alternative seat-abutment designs used in California
box-girder bridges: A) stem wall support, B) pedestal support, C) free wall support and D)
cantilever. (Roblee, 2020e)
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Table 2.1: Seat-type abutment usage from inventory analysis of Caltrans box-girder bridge
class (Roblee, 2020e)

Year Bridge Built
Bridges w/
Seat-Type
Abutments

Proportion of Seat-Type Abutments by Design Type
Straight Backwall & Deck Haunch on Backwall and/or Deck

Total A B C D Total A B C D
> 1991 98% 100% 82% 0% 0% 18%0% 0% 0% 0% 0%
1973-1991 53% 94% 71% 0% 0% 23%6% 5% 0% 0% 1%
< 1973 30% 35% 6% 16% 0% 13%65% 11% 22% 8% 24%

Previous studies regarding abutment modeling focused on the constitutive behavior of

abutment components, such as back�lls, bearings, and shear keys; and on capturing the

overall abutment response.

For the back�ll modeling, early Caltrans guidelines (Caltrans, 1990) had adopted an

approximate bilinear form and speci�ed a unit-width stiffness value of 20.0 kips/in/ft and

truncation pressure value of 55.0 psi for modeling the passive resistance of abutment

back�lls. However, the bilinear form does not fully account for the real nonlinear behavior

of back�lls. Experimental studies (Caltrans, 1990; Maroney et al., 1993) showed that the

ultimate soil pressure occurred at displacements from 6 to 10% of the backwall height.

Subsequent studies (Nielson, 2005; Jeon et al., 2015b) used multi-linear models for

modeling back�lls, where the initial stiffness and ultimate deformation of sandy and

clayey back�lls were assumed to be within 20.0 kips/in/ft to 50.0 kips/in/ft, and 6 to 10%

of the backwall height, respectively. Further experimental and theoretical studies also led

to the use of hyperbolic curves to model back�lls (Duncan and Mokwa, 2001; Shamsabadi

et al., 2007; Wilson and Elgamal, 2006; Shamsabadi and Yan, 2008), some of which were

applied in preliminary bridge-fragility feasibility analyses (Ramanathan, 2012). Current

Caltrans guidelines (Caltrans, 2019) retain the approximate bilinear form, but now specify

a unit-width stiffness value of 50.0 kips/in/ft and truncation pressure value of 35.0 psi,

along with wall-height scaling rules, for modeling the passive resistance of abutment

back�lls meeting current material standards.

Other abutment components can be modeled at various degrees of sophistication. On

the simpler end, seismic responses of back�lls and foundation piles or footings have been
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combined into a single simpli�ed trilinear hysteresis model – with only the foundation

capacity acting in the active direction and the combination of foundation capacity and

back�ll considered in the passive direction (Gehl et al., 2014). For bearings, various

models (e.g., for steel and elastomeric bearings) were proposed in Nielson (2005) due to

their distinctive constitutive behaviors revealed by experiments. Constitutive behaviors for

three different types of shear keys have been studied experimentally and analytically

(Megally et al., 2001, 2003), where the types are internal shear keys, external non-isolated

shear keys, and external isolated shear keys. The role of shear keys in bridges crossing

fault-rupture zones has been examined (Goel and Chopra, 2008), and the effects of

abutment-embankment interaction have also been investigated (Zhang and Makris, 2002;

Inel, 2002; Kotsoglou and Pantazopoulou, 2007; Taskari and Sextos, 2015). Other studies

have examined the vertical responses of abutment systems (Kavianijopari, 2011; Liang

et al., 2016). The vertical stiffness of an abutment was assumed to be contributed by the

bearings, embankments, and stem wall.

The aforementioned abutment components have been examined and applied in

numerical analyses. Figure 2.7 illustrates a conventional modeling scheme (Nielson, 2005;

Mangalathu, 2017; Mangalathu et al., 2016) which considers bearings, the gap and impact

between the abutment and deck, foundations, and back�lls in the longitudinal direction;

and bearings, shear keys, and foundations in the transverse direction. The backwall and

the stem wall are connected rigidly and are represented with only one node. A spring with

a bilinear behavior is usually used to represent elastomeric bearings. Model veri�cation

and detailed modeling techniques of other types of bearings can be found in a relevant

study (Nielson, 2005). The gap and impact spring is used to capture the gap between the

backwall and the deck, as well as energy dissipation during the impact process

(Muthukumar and DesRoches, 2006; Muthukumar, 2003). A multi-linear model is used to

capture the seismic responses of piles in the abutment foundations (Xie et al., 2021).

Different types of shear keys can be simulated by three backbone curves (Megally et al.,
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2001, 2003). The back�ll is typically modeled using nonlinear springs with a hyperbolic

backbone (Shamsabadi et al., 2007; Shamsabadi and Yan, 2008; Xie et al., 2019) where

the passive resistance of the back�ll depends on the mobilized soil height. Conventional

model responses for two back�ll-height options will be examined and compared to those

for a new proposed model in later chapters. These options are taken as either the height of

the backwall only, or the total height of the abutment wall (backwall plus stem wall),

which serve to bracket and provide context for the responses of the proposed model.

Figure 2.7: Conventional abutment modeling schemes

Crucial damage mechanisms associated with abutment backwalls (Figure 2.8) were

observed in past earthquakes. To be speci�c, an abutment backwall in modern bridges is

designed to be a sacri�cial component, which is intended to fail prior to the foundations

supporting the bridge and backwall (Caltrans, 2019). This design philosophy limits

demand on abutment foundations so as to avoid time-consuming foundation excavation

and repair, thus ensuring rapid post-earthquake repair actions and reduction of both direct

repair costs and downtime-induced indirect losses (Caltrans, 2017).

In a bridge with seat abutment, the bridge decks are supported by abutments through

bearings and restrained longitudinally by backwalls once the joint gaps are closed. The

backwall is a key component that signi�cantly affects the interaction between back�lls and

abutments, and the dynamic interplay of various bridge components changes dramatically

before and after the backwall fracture. In particular, abutment foundations are completely

engaged in the lateral support system before the backwall failure, whereas only the back�ll
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(a) (b)

Figure 2.8: Examples of backwall damage (Jibson and Harp, 2011): (a) punching of the
Tubul bridge deck into the backwall of the north abutment, and (b) damage at the base of
the north abutment backwall of the El Bar bridge.

behind the backwall provides the primary lateral resistance once the backwall fails. As a

result, lateral responses of columns and bearings will be underestimated if the backwall

failure is not considered. Stefanidou et al. (2017) investigated soil-structure interaction

and seismic fragility assessment of bridges with backwalls using a numerical backwall

model that considered the �exural failure mechanism – the formation of a plastic hinge

at the backwall bottom. Taskari and Sextos (2015) considered an additional lower bound

case in the force transformer mechanism prior to and after backwall failure (i.e., backwall

completely breaks off).

Three drawbacks are inherent to the conventional abutment modeling scheme. First, it

does not account for a backwall fracture mechanism that is expected to signi�cantly

impact the seismic performance of adjacent components, including abutment foundations,

bent columns, and deck displacements. Second, as a consequence of neglecting backwall

fracture, the entire back�ll height is inaccurately assumed to contribute to passive

resistance. In fact, before backwall fracture, the full height of back�ll behind the abutment

wall provides lateral support to the bridge system. However, after fracture, only the soil

behind the backwall contributes to lateral support of the deck. Therefore, it is imperative
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to separate the back�ll behind the abutment wall into two parts to model their behaviors at

different stages of loading appropriately. Finally, bearing deformation in the longitudinal

passive-direction is limited to the size of the deck-abutment joint gap since the backwall

restrains further movement in that direction.

To this end, a holistic modeling scheme that can capture the shear failure mechanism

of abutment straight backwalls is required to more accurately simulate the seismic

performance of modern highway bridges with abutment straight backwalls.

2.3 Column Capacity Limit State Models

In addition to the establishment of probabilistic demand models, the development of

compatible capacity models (or CCLS) is essential to the de�nition of fragility models.

Since the column is the most critical component in the bridge system, this section

focuses on the existing practice of de�ning CCLS for columns. Table 2.2 provides a

summary of several recent column capacity models and Table 2.3 summarizes the values

for column capacity damage states for a couple of existing studies.

Table 2.2: Comparison of capacity model descriptions in existing works

DS2 (Slight/Minor) DS3 (Moderate) DS4 (Extensive) DS5 (Complete)
Year

Bridge
Built

FEMA (1999) All

Minor cracking &
spalling at hinges,

Column minor spalling
(Requires no more than

cosmetic repair)

Moderate (shear
cracks) cracking

& spalling of column
(Structurally sound)

Column degrading
without collapse -

shear failure
(Structurally unsafe)

Column collapse
(May lead to imminent

deck collapse)

Pan et al. (2007) All
Initiation of

yielding
Formation of
plastic hinge

Reach of
maximum moment

Crushing of
concrete when
concrete strain
equals -0.005

< 1973 Cracking
Minor cover spalling

anywhere along
the column height

Large shear cracks;
major spalling;
exposed core;

con�nement yielding

Loss of con�nement;
longitudinal bar buckling
or rupture; core crushing

1973
to

1991
Cracking

Minor cover spalling
anywhere along

the column height

Major spalling;
exposed core;

con�nement yielding

Loss of con�nement;
longitudinal bar buckling

or rupture;
core crushing;

large residual drift

Ramanathan (2012);
and

Dukes (2013)

> 1991 Cracking
Minor cover spalling

concentrated at the top
and bottom of the column

Major spalling;
exposed core;

con�nement yielding

Loss of con�nement;
longitudinal bar

buckling or rupture;
core crushing
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Hwang et al. (2001) used a model based on HAZUS (FEMA, 1999), in terms of

displacement ductility, with thresholds of 1.00, 1.20, 1.76, and 4.76 corresponding to the

�rst yielding of longitudinal reinforcement, column yielding, concrete strain reaching

-0.002, and maximum displacement ductility de�ned by Buckle and Friedland (1995),

respectively. Their damage states ranged from no damage to the complete state and were

calculated based on material properties. For the �rst three states, the section curvature

values were obtained and then converted to displacement ductility values using an

assumed plastic hinge length. As suggested by FEMA (1999), the total dispersion

(capacity and demand) was taken as 0.4 for fragility curves expressed in terms of SA; and

0.5 for those expressed in terms of PGA.

Choi and Jeon (2003) and Choi et al. (2004) de�ned column capacity limit states with

curvature ductility thresholds of 1.00, 2.00, 4.00, and 7.00, corresponding to �ve damage

states similar to the research by Hwang et al. (2001). The capacity model developed using

experimental tests of non-seismically designed columns. Also, lap-splice columns were

considered in these researches. Engineering judgment was needed when the damage state

thresholds for different experimental tests values were de�ned.

Similarly, Nielson (2005) used a column capacity model with median curvature

ductility values of 1.00, 1.58, 3.22, and 6.84 as thresholds of the damage states described

as minor spalling, moderate cracking (shear cracks) and spalling, degradation without

collapse, and collapse, respectively. These values were converted from the displacement

ductility model from Hwang et al. (2001).

Pan et al. (2007) assumed that shear failure would not happen in bridge columns and

de�ned �ve damage states with curvature ductility as the EDP. These critical limit states

were related to the column integrity, the initiation of yielding, formation of the plastic

hinge, reaching the peak moment, and crushing of concrete when the strain of concrete

equal to about 0.005. The damage state values in this research were obtained based on ten

numerical simulations of bridge columns, considering variation in material strength and
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dead loads.

Ramanathan (2012) and Dukes (2013) used curvature ductility in their research. Four

damage states were de�ned based on expert opinions from Caltrans design engineers and

maintenance personnel combined with consideration of limited experimental test data of

components. A set of Caltrans-speci�c damage states were proposed in their research.

However, follow-up work (DesRoches et al., 2012) found the column capacity values

extremely conservative and called for additional research to better de�ne column capacity

models. A clear contribution of this capacity limit state system was the consideration of

column capacity varied from different design eras.

Mangalathu (2017) extended the column capacity limit states by considering

experimental test data for a total of 48 columns. Based on these tests, new column

capacity limit states were proposed using the same four damage state de�nitions as

Ramanathan (2012). However, these models combined different failure modes such as

�exural, shear, and lap-splice, so they did not differentiate between failure modes now

recognized to have very different capacity model values.

Several existing studies focused on post-1990 ductile designed columns (Kim and

Shinozuka, 2004; Banerjee and Shinozuka, 2007; Mackie et al., 2007; Kwon and

Elnashai, 2010) are also summarized in Table 2.3.

The following chapter will detail how this research investigation addressed these

issues by clearly separating column failure modes, extending the experimental dataset,

and enhancing the experimental �ndings with analytical simulations of column

performance for each failure mode.

2.4 Closure

This chapter �rst reviewed the various fragility modeling techniques, concluding that the

cloud method is the most ef�cient when used with analytic fragility analysis. In addition,

this section outlined key process steps needed to establish a fragility model using NLTHA.
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Table 2.3: Comparison of capacity model values in existing works

DS2
(Slight/Minor)

DS3
(Moderate)

DS4
(Extensive)

DS5
(Complete)

Engineering
Demand

Parameter

Year
Bridge
Built

Hwang et al. (2001)
Displacement

ductility
All 1 1.2 1.76 4.76

Choi and Jeon (2003)
Curvature
ductility

All 1 2 4 7

Kim and Shinozuka (2004)
(Bridge-I)

Displacement
ductility

> 1991 1.3 2.6 4.3 8.3

Kim and Shinozuka (2004)
(Bridge-II)

Displacement
ductility

> 1991 1.4 2.8 4.6 9.2

Nielson (2005)
Curvature
ductility

All 1 1.58 3.22 6.84

Banerjee and Shinozuka (2007)
Rotational
ductility

> 1991 1.58 3.33 6.24 9.16

citetaddcap2007b
Displacement

ductility
> 1991 0.23 1.64 6.09 6.72

Kwon and Elnashai (2010)
Column top
displacement

> 1991 - 2.86 4.88 19.69

< 1973 0.8 0.9 1 1.2
1973

to
1991

1 2 3.5 5
Ramanathan (2012)

and
Dukes (2013)

Curvature
ductility

> 1991 1 4 8 12
< 1973 0.8 2.3 5.2 8.8
1973

to
1991

1 5 8 11Mangalathu (2017)
Curvature
ductility

> 1991 1 5 11 17.5

This chapter also outlined several important limitations of prior bridge-fragility modeling

now being addressed by this research, including the needs for: 1) consistent and calibrated

modeling of �exure, shear, and mixed �exure-shear column failure modes, 2) accurate

modeling of the abutment backwall fracture mechanism and its associated impacts on

overall bridge response, and 3) improved column capacity models, with clear separation

of failure modes and design eras, which consider a broader set of experimental results and

are supplemented by analytical simulations to account for a wider range of damage states.

Each of these recognized limitations is addressed in the following chapters.
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CHAPTER 3

ADVANCED FINITE ELEMENT MODELING OF BRIDGE COMPONENTS

Previous researchers have devoted considerable attention to accurate and effective

modeling of the seismic behavior of various bridge components, including the deck,

columns, and abutment. These efforts include modeling the structure in a realistic scheme,

capturing a proper failure mode, and simplifying the model to improve computational

ef�ciency. This chapter discusses the modeling techniques for developing a

three-dimensional nonlinear bridge model within �nite element modeling platform

OpenSees (McKenna et al., 2000). The improvement of modeling �delity through these

proposed techniques is illustrated using a two-span bridge (see Appendix A).

3.1 Superstructure

It is recommended by Nielson (2005) to model the deck elements in OpenSees using elastic

elements since the superstructure elements typically remain elastic during an earthquake.

Two alternative strategies for modeling the superstructure were proposed by Priestley et al.

(1996) as shown in Figure 3.1, grillage and spine, both of which model the superstructure

with stick elements. The spine model is a further simpli�cation of the grillage model.

(a) (b)

Figure 3.1: Modeling scheme for bridge superstructure: (a) grillage, and (b) spine.

While saving some computational time, the spine model has a signi�cant drawback.

The axial load is concentrated at the bridge centerline, and thus the force transfer to the

substructure is in�uenced by the transverse beam stiffness. The undesirable impacts
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become most notable in bents having a central column and include: 1) The center column

has a higher axial load than the others, and 2) external columns have an initial transverse

displacement at the base upon gravity loading. The central column's high axial load

incorrectly estimates column strength degradation due to concrete crushing, notable

P-Delta effect, or shear failure. The initial transverse displacement ampli�es the

transverse demand under a small ground motion intensity range, in�uences the regression

model, and ultimately overestimates the failure probability by about 0.1 to 0.2 g in terms

of median Sa1 of the column fragility models. The added modeling sophistication

increases computational time, but not signi�cantly. Hence, this research has elected to use

the grillage scheme to model the superstructure. A simple comparison illustrates this

effect in the following subsection 3.5.2.

3.2 Internal Support Bents

California bridges have different internal support types, with the most common being single

column bent (isSB) and multi-column bents (isMB). Pier walls and shaft bents are also

common but are not considered herein.

3.2.1 Bents

As shown in Figure 3.2, the column bent is modeled using a combination of �ber-section

column elements and rigid links for connection to the superstructure. Column foundation

elements, including both lateral and rotational springs are discussed in subsection 3.2.6

and Figure 3.19. Separate lateral element models represent piles, spread footings, and the

soil loads applied to the sides of the pile cap or footing. The rotational element considers

rotation failure associated with either excessive axial pile displacement (i.e., geotechnical

failure) or foundation-to-column connection details (i.e., structural failure).

Columns in single-column bents are located at the bottom of the center cell, while in

multi-column bents, they are evenly spaced as a function of column and cell number. Note
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Figure 3.2: Typical modeling scheme for a bridge bent.

that all bridge models are constrained to have an odd number of cells. In this research, the

distance is assumed to follow a relationship in Table 3.1. For example, a bent with �ve

cells and two columns, the column spacing is 3.0 times the cell spacing, as illustrated in

Figure 3.2.

Table 3.1: Column spacing (times of cell spacing) with respect to the number of box-girder
cells and bent columns

Column Number
2 3 4

Cells

3 2.0 - -
5 3.0 1.5 1.0
7 4.0 2.5 2.0
9 5.0 3.0 2.0
11 - 4.0 3.0
13 - - 4.0

3.2.2 FlexuralColumns

Columns are one of the most vulnerable components in a bridge system during

earthquakes. As presented in Figure 3.2, a column is simulated with force-based elements

along with zero-length section elements to account for strain-penetration effects at the two

ends of the column (Zhao and Sritharan, 2007). Cross-sections in the force-based element
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and the zero-length section element are �ber-based. Fiber cross-sections bene�t from

allowing the speci�cation of unique material properties for different locations across the

cross-section. Speci�cally, the concrete is simulated using different constitutive models in

cover (uncon�ned concrete) and core (con�ned concrete). Reinforcement is modeled with

hysteretic material accounting for reinforcement rupture and buckling.

Concrete

This research uses theConcrete02material (Yassin, 1994) in OpenSees for modeling of

concrete. Compared to other materials available in OpenSees,Concrete02is the most

stable and computationally-ef�cient. AlthoughConcrete02material applies the Kent-and-

Park concrete model (Kent and Park, 1971) having a linear descending branch, this research

adopts the Mander's concrete model to achieve a better accuracy.

As suggested by Mander et al. (1988), the basic formula of the concrete constitutive

model is given by Equation 3.1 and Figure 3.3.

f c =
f 0

ccxr
r � 1 + xr

; (3.1)

wheref 0
cc is the compressive strength of con�ned concrete (de�ned later).

x =
" c

" cc
(3.2)

de�nes the ductility of the concrete strain, where" c is the compressive concrete strain

normalized by" cc, the strain at peak stress (de�ned later).

r =
Ec

Ec � Esec
; (3.3)

is the parameter to de�ne the relationship of the secant stiffnessEsec = f 0
co="co and

tangent stiffnessEc = 57000
p

f 0
copsi. Using theConcrete02material inherently implies
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Figure 3.3: Stress-strain model for concrete in compression (Mander et al., 1988).

the constant value ofr = 2 as a result of the assumption that the strain at peak strength is

de�ned by " co = 2f 0
co=Ec. Denotey = f c=f 0

cc, Equation 3.1 simpli�es into the following

form:

y =
2x

1 + x2
: (3.4)

For con�ned concrete, the compressive strength is related to the effective lateral

con�ning stress in the two directions of the section:

f 0
lx = ke� x f yh ; (3.5a)

f 0
ly = ke� yf yh ; (3.5b)

where� x and� y is the transverse reinforcement ratio;f yh is the transverse reinforcement
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strength; andke is a con�nement effectiveness coef�cient de�ned by Equation 3.6:

ke =

8
>>>>>>>>>>>>>>>>>>>>><

>>>>>>>>>>>>>>>>>>>>>:

�
1 �

s0

2ds

� 2

1 � � cc
; for circular hoops con�nement;

1 �
s0

2ds

1 � � cc
; for circular spirals con�nement;

 

1 �
nX

i =1

(w0
i )

2

6bcdc

! �
1 �

s0

2bc

� �
1 �

s0

2dc

�

1 � � cc
; for rectangular hoops.

(3.6)

wheres0 is clear spacing of transverse reinforcements;ds, bc, anddc are the dimensions of

the con�ned concrete;wi is the clear distance of two adjacent longitudinal reinforcement

in rectangular sections;� cc is the longitudinal reinforcement ratio of core concrete.

The effective lateral con�ning stresses then induce the con�ned concrete strength given
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by Chang and Mander (1994):

f 0
cc = f 0

co

�
1:0 + Ax

�
0:1 +

0:9
1 + Bx

��
; (3.7a)

f 0
max = max ( f 0

lx ; f 0
ly ); (3.7b)

f 0
min = min ( f 0

lx ; f 0
ly ); (3.7c)

x =
f 0

lx + f 0
ly

2f 0
co

; (3.7d)

q =
f 0

min

f 0
max

; (3.7e)

A = 6:8886� (0:6069 + 17:275q)e� 4:989q; (3.7f)

B =
4:5

5
A

(0:9849� 0:6306e� 3:8939q) � 0:1
� 5:0: (3.7g)

Figure 3.4 illustrates the enhancement of con�ned concrete strengthf 0
cc=f 0

co with

relationship to different parameters. Con�nement strength ratiox is the ratio of lateral

con�ning stress to the uncon�ned concrete strength.x represents uncon�ned concrete, as

the plot indicatesf 0
cc=f 0

co = 1. As the con�nement strength ratio increases, the

enhancement increases in a hyperbolic shape. The other parameterq indicates the

unbalance con�nement in the two directions of the section. Unbalance con�nement

decreases the enhancement of con�ned concrete, especially for the range ofq < 0:5. In

real situations, the unbalanced ratios for wide sections are commonly larger than 0.5,

which causes a slight difference compared to a balanced con�ned section (regular

section).

As suggested by Priestley et al. (1996), the strain corresponding to peak stress for

con�ned concrete is given by Equation 3.8a; and the ultimate strain is given by

Equation 3.8b, where" su is the transverse reinforcement strain at maximum tensile
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Figure 3.4: Compression strength enhancement of con�ned sections.

strength (de�ned later).

" cc = " co

�
1 + 5

�
f 0

cc

f 0
co

� 1
��

; (3.8a)

" cu = " sp +
1:4� sf yh" su

f 0
cc

: (3.8b)

Note that uncon�ned concrete is a special case when there is zero con�ning stress (x =

0) and thus Equation 3.1 to Equation 3.8 are all applicable to uncon�ned concrete.

Determination of the end of the linear degrading portion (residual strength) of the

Concrete02material is an important part of de�ning the concrete material. In this

research, stress is assumed to be linear degrading after2" co and degrading to zero strength

at the spalling strain" sp for uncon�ned concrete (Mander et al., 1988). Based on

Equation 3.4, 2" co corresponds to0:8f 0
co and therefore results in a spalling strain

" sp = 6" co for uncon�ned concrete with zero residual strength. Con�ned concrete is
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assumed to have 20% capacity remaining and then interpolate the corresponding residual

strain using" cu.

Reinforcement

Hystereticmaterial is selected to model the reinforcement behavior because it has good

stability, the capability to de�ne a buckling branch, and compatibility with other possible

failure modes such as a lap-splice column (subsection 3.2.4). The material accounts for

strain hardening and reinforcement fracture on the tension side, while on the compression

side, the material re�ects the buckling effect.

Tension parameters includes stress-strain values for yielding(" y; f y), ultimate strength

(" su; f u), and fracture strain" f .

Figure 3.5: Stress-strain model for steel in tension.

While it is straightforward to de�ne the yield point with yielding strength and initial

stiffnessEs = 29 000 ksi, the ultimate strength point is de�ned differently in various

studies. Priestley et al. (1996) suggested thatf u = 1:5f y for most reinforcement types and

indicated the ratio would decrease as the strength increases. Bozorgzadeh et al. (2006) use

a normal distribution which has 1.55 mean and ranges between 1.40 and 1.70 to de�ne the
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ratio f u=f y. In this research, data in Paik et al. (2017) is analyzed, and a linear relationship

is proposed to de�ne the ultimate strength as:

f u

f y
= � 0:011f y + 2:067 (3.9)

Substituting the typical reinforcements strength in California bridges, 50.0 ksi to 78.0 ksi,

Figure 3.6: Linear model to estimate the steel ultimate strength.

the ratio derived from the model is 1.20 to 1.52, which is comparable to values used in

other existing research. Strain" su corresponding to the ultimate strength is determined by

Equation 3.10 (Caltrans, 2019). Reinforcement sizes used in California bridge columns are

typically #11 or #14, and thus" su = 0:060is used in most of cases.

" su =

8
>><

>>:

0:090; for #10 bars or smaller;

0:060; for #11 bars or larger.
(3.10)

In order to determine the necking/degrading branch, it is assumed that the descending

line is passing through 30% tensile strain when the strength degrades to 80% of the ultimate

strength. This determines a linear descending model for the steel. Fracture strain is then

imposed to theHystereticmaterial using theMinMaxmaterial in OpenSees, which models
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a sudden drops at the speci�ed strain" f . An exponential relationship is developed based

on coupon test data in various studies (Priestley et al., 1996; Paik et al., 2017; Schoettler

et al., 2012; Bao et al., 2017):

" f

" y
= 2850 exp (� 0:05f y) (3.11)

Figure 3.7: Exponential model to estimate the steel fracture strain.

Based on this relationship, typical steel strength results in a fracture strain with a range

of 20% to 35%. This model also has a negative relationship with the steel yield strength,

which coincides with the idea that high-strength steel tends to be brittle.

The compression side of the steel considers buckling behavior, where the model

proposed by Zong et al. (2014) is adopted. Except for the yield point de�ned by

(� " y; � f y), the other two points for buckling("b; f b) and residual(" r ; f r ) are described

here to de�ne the backbone shape.
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Figure 3.8: Stress-strain model for steel in compression.

The buckling point is de�ned in Equation 3.12:

"b = � CsL1" y; (3.12a)

f b = � Cs

h �
100

(L1 + 1) � 1
i

f y � � 0:1f y: (3.12b)

whereL1 = 800M � 2:5 + 2:5, � = 3:0 � 0:2M 2, and material strength parameterM =

s=db

p
f y=61 ksi.

The stiffness reduction coef�cientCs that varies with relative stiffnessk=k0 and

material strength parameterM is estimated by:

Cs =

8
>><

>>:

[1 � (1 � k=k0)2]1=(4:5� 0:25M ) ; for 0 < k=k0 < 1;

1:0; for k=k0 � 1:
(3.13)

Critical stiffness k0 = 0:5� 4EsI b=s3 is a property parameter for the longitudinal

reinforcement with moment of inertiaI b and center-to-center transverse reinforcement

spacing s (un-support length). The equivalent stiffness of transverse reinforcement

con�nementk is calculated byk = Fy=� y. � y andFy are the solution of the following
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equations, which result in a buckling distance with force equilibrium between buckling

force and con�nement force:

� y = R �
R

cos�
; (3.14a)

" y =
(tan( � ) � � )R

�R
; (3.14b)

Fy = 2" yEsAh sin�; : (3.14c)

whereR is the radius of column core, andAh is the area of transverse reinforcement section.

Lastly, the residual strengthf r is simply de�ned as80%f b, and the residual strain is

calculated by the following:

" r

"b
= min ( L1 � 30; 1:5L1) + L1 (3.15)

The pinching parameters used in this research arepx = 0:35 andpy = 0:95, and the

damage parameters are approximated asd1 = 0:02� 0:008� sv� sl � 0:007andd2 = 0:02.

Strain Penetration

Strain penetration occurs at the joint area of columns in the bridge. The connections of

the column bottom with foundations and the column top with the bridge deck are the two

locations to consider strain penetration effects. In these locations, bar-slip decreases the

stiffness of the component. As such, theBondSP01material is used in a zero-length

section at the end of the column. The most critical modeling parameter to determine is

the ampli�cation factorSF, which simpli�es the bar-slip deformation in the embedded

longitudinal reinforcements into a zero-length section.

As suggested by Lehman and Moehle (2000), the development length for the tensile
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embedded reinforcement to develop the yield strength is:

lsy =
f ydb

48
p

f 0
copsi

; (3.16)

and the bar-slip at the joint is:

usy = 0:5" y lsy: (3.17)

Then the ampli�cation factor is determined by the following:

SF =
usy

" y
: (3.18)

In the above equations Equation 3.16 to Equation 3.18,db andf y are the diameter and yield

strength of the longitudinal reinforcements. When amplifying the steel strain with a factor

of SF, the concrete material should also be ampli�ed with the same multiplier in order to

keep the section integrity and numerical stability (Jeon et al., 2015).

Mesh-Dependent Strain Localization

Modeling of a structural member with a �ber-based model, with the consideration of axial

load-bending moment interaction, gives relatively higher accuracy than achieved with a

hinge-type model (Powell and Chen, 1986). However, in the presence of softening

constitutive model, two problems stand out in the �ber-based model simulation. First, the

global post-peak displacement-loading response is highly sensitive to the discretization of

structure members. In order words, changing either the length of the �rst member (hinge

region) in a displacement-based formulation (DBE), or the distance of the �rst two

integration points (IPs) in a force-based formulation (FBE), signi�cantly impact the

strength-degradation branch in the simulation. Second, the local strain-stress response

concentrates at the �rst member (or between the �rst two integration points), which

generates unexpected high strain at the �rst element and, in turn, governs the global
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responses' degradation.

Figure 3.9: Localization issue in force-based formulation (Coleman and Spacone, 2001).

In order to address the localization issue, this research adopts a modeling technique

similar to the plastic hinge integration method proposed by Scott and Fenves (2006). As

shown in Figure 3.2, the column is modeled using a �xed length of force-based element

at the hinge region with two Gauss-Lobatto integration points located at the element ends.

The length of the hinge element is estimated based on the formula proposed by Paulay and

Priestley (1992):

lp = 0:08L + 0:15f ydb (3.19)

In this manner, the local plastic deformation is �xed in a reasonable range.

Validation is conducted by comparing the modeling results against the laboratory tests

in Appendix C. It is noticed that most of the laboratory tests stop with 80% capacity

remaining and thus cannot be used to study the localization problem. Instead of

comparing the experiment results, the simulation result using this proposed method is

compared with a simulation using the non-local method. Non-local is an emerging

modeling technique that is objective to member discretization (Kenawy et al., 2018).

Although not easy to apply to large bridge models, results for a single column model are

compared herein using the column con�guration in Appendix A. Figure 3.10 illustrates
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Figure 3.10: Comparison of the adopted modeling scheme with other modeling methods.

that the adopted modeling scheme generates results that are comparable with the non-local

method (Kenawy et al., 2020), whereas other traditional methods with FBE (or DBE)

produce results that are dependent on the number of integration points (or elements).

3.2.3 ReducedSections

California bridges supported on multi-column bents often use a ”pinned” or reduced

section, connection to the foundation element. Figure 3.11(a) provides an example

connection illustrating that pin bases are constructed with smaller section sizes and fewer

longitudinal reinforcements. It can also be seen from the �gure that a construction joint

disconnects the column and foundation, but a smaller ”column key” section with reduced

reinforcements extends into the foundation. In order to capture its behavior, this project

uses a zero-length strain-penetration section to model the pin section.

Figure 3.11(b) compares the adopted model to the typical simpli�ed pin-base model

(ideal pin with zero moment capacity) and shows the adopted model shows almost twice of

base shear and initial stiffness for this reduced section detail.

Although the proposed model improves upon the model with an ideal pin in estimating
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(a)

(b)

Figure 3.11: (a) Reinforcement detailing of a typical pin base in California bridge; and (b)
pushover response comparing two modeling techniques for con�guration in Appendix A.

the moment capacity, the expansion joint-�ller is not considered here and thus leads to

underestimation of the moment capacity. Validation in Appendix C shows approximately

15% underestimation for the tests with free-top. However, because the column top for

box-girder bridges is almost always �xed to the bridge deck, such an underestimation is

expected to have a negligible effect on estimating bridge performance.

3.2.4 Lap-spliceColumns

It is estimated (Roblee, 2017a) that nearly 80% of pre-ductile California bridge columns

have 'starter bar' details or a lap-spliced connection of longitudinal reinforcement at the

column base. Previous studies Hwang et al. (2001); Zhang et al. (2004); Kim and

Shinozuka (2004); Barkhordary et al. (2009) showed that lap-splice columns quickly lose

their capacity once reinforcement in the lap-splice region starts to dislocate. Therefore,
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lap-splice columns often behave very brittlely and substantially impact bridge seismic

performance.

(a) (b)

Figure 3.12: (a) Lap-splice reinforcement behavior in tension (Priestley et al., 1996) and
compression; and (b) material model in tension side.

The mechanism of lap-splice reinforcement is represented in Figure 3.12. As suggested

by Priestley et al. (1996) and Barkhordary et al. (2009), lap-splice stress on the compression

side is assumed to behave the same as regular reinforcement since lap-splice reinforcement

is supported by concrete. However, dislocation of lap-splice reinforcement in the tension

side results in the lap-splice failure stressf lsmax . It is the forces to overcome the tension of

concrete blocks surrounding the reinforcement:

Tb = Abf lsmax = f tplp � Abf y (3.20)

in which Ab is the area of lapped reinforcements,f t is the tensile strength of concrete that

can be estimated with7:5
p

f 0
copsi (Chang and Mander, 1994),lp is lap-splice length, and

f y is yield strength of reinforcement. It can be seen from this equation that lengthening the

lap-splice length is an effective way to prevent lap-splice failure. If the developed strength
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in the lapped reinforcement can attain the steel yield strength, the member will not fail at

the lap-splice and the steel follows the original constitutive model in Figure 3.5.

Figure 3.13: Perimeter of concrete block during lap-splice failure (Priestley et al., 1996):
white and black circles represent the two lapped reinforcements.

The perimeter of concrete blocks surrounding the reinforcementp is illustrated in

Figure 3.13. For cases with small spacing between longitudinal reinforcements (sa), the

surrounding concrete block considered to dislocate is calculated by adding up half of the

average spacing between the reinforcements (sa=2), twice the clear coverc and

reinforcement diameterdb (2(c + db)). If the spacing between longitudinal reinforcement

(sa) is large enough, the cross-section of the dislocating concrete block becomes a

45-degree triangle. Therefore, the perimeter of the concrete block surrounding

reinforcement is given by Priestley et al. (1996):

p =
sa

2
+ 2( c + db) � 2

p
2(c + db) (3.21)

After the complete spalling of cover concrete, the lap-splice strength degrades to the

residual stressf lsr . Residual stress describes the friction forces between reinforcement and

core concrete with compression in their surface provided by transverse reinforcement in

the lap-splice region.

Abf lsr = �A hf yh
lp
s

� Abf lsmax (3.22)
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where� takes 1.4 as suggested by Barkhordary et al. (2009). When the calculated residual

strength is larger thanf lsmax , the softening branch in Figure 3.12(b) becomes �at. From this

point of view, decreasing the spacing of transverse reinforcement in the lap-splice region is

another strategy to prevent brittle behavior in lap-splice columns.

Lap-splice strain is determined by adding up elastic deformation and lap-splice

deformation (Barkhordary et al., 2009).

" = "e + " ls (3.23a)

"e = f lsmax =Es (3.23b)

" ls = u=lss: (3.23c)

Lap-splice displacementu corresponding to maximum stressf lsmax is suggested as 0.04

inches, while a typical lug-spacing of about 0.4 inches is used to compute the residual

stressf lsr . Fictitious lengthlss is used to measure the length of lap-splice deformation,

which is estimated to be equal to the section depth as suggested by Barkhordary et al.

(2009).

3.2.5 Shear/Flexural-ShearColumns

As outlined in subsection 2.2.1, multiple modeling techniques can be used to model a

shear or �exural-shear column. In this research, a zero-length shear spring is used, and the

capacity model proposed by Sezen (2002) is adapted herein.

Examination of three experimental tests reveals the limitations of the Sezen (2002)

model. Load-de�ection responses for three tests by Ang (1985) are shown in Figure 3.14

with their corresponding design parameters summarized in Table 3.2. The table notes that

Unit-6 and Unit-1 are generally identical except for the shear span ratio, and Unit-15 and

Unit-1 have identical designs except for their longitudinal reinforcement ratio.
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Table 3.2: Parameters for three specimen in tests by Ang (1985)

D M=V D � P f y f h f 0
co db s Ah � sl � sv VnSpecimenx

parameter in � % ksi ksi ksi in in in2 % % kips
Unit-6 15.75 1.5 0.0 63.24 47.57 4.37 0.63 2.36 0.044 3.20 0.509 87.67
Unit-1 15.75 2.0 0.0 63.24 47.57 5.44 0.63 2.36 0.044 3.20 0.509 71.94
Unit-15 15.75 2.0 0.0 63.24 47.28 5.05 0.63 2.36 0.044 1.92 0.509 51.70

x D = diameter of specimen;M=V D = shear span ratio;� P = axial load ratio;f y = longitudinal reinforcement
yield strength;f h = transverse reinforcement yield strength;f 0

co = concrete strength;db = diameter of longitudinal
reinforcement;s = spacing of transverse reinforcement;Ah = area of transverse reinforcement;� sl = longitudinal
reinforcement ratio;� sv = transverse reinforcement ratio; andVn = experimental shear strength.

(a) (b) (c)

Figure 3.14: Experimental results (Ang, 1985): (a) Unit-6; (b) Unit-1; and (c) Unit-15.

Modi�cation-1: Degradation Factor

Compared to Unit-1, Unit-6 has a smaller shear span ratio equaling 1.5, and the response

is more brittle after the peak shear capacity. Similar behaviors are observed in other cases

like Figure 3.15.

Consequently, the proposed model modi�es the ampli�cation factork considering the

geometry and reinforcement con�guration effects on the column ductility. With calibration

to the experiment test result, the column is classi�ed as a 'normal' case if the shear span

ratio M=V D is larger than 2.0 and the transverse reinforcement ratio� sv is larger than

0.20%. In the �gure, 'Highly brittle' cases are columns either with shear span ratios smaller

than 1.75 or transverse reinforcement ratios smaller than 0.15%. The test result for Unit-20

in Figure 3.15(a) leads to the selection of 1.75 as the lower bound for shear span ratio.

Lastly, linear interpolation is assumed for columns located between the two bounds.
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(a) (b)

Figure 3.15: Experimental results with highly brittle performance: (a) Unit-20 (Ang, 1985)
with M=V D = 1:75 and� sv = 0:38%; and (b) 2CUS (Umehara, 1983) withM=V D =
1:13and� sv = 0:36%.

Figure 3.16: Modi�ed ampli�cation factork in the proposed shear capacity model.

Broadly, this model implies that the shear capacity degrades as displacement ductility

increases. This model relates the rate of degradation to a function of the geometry (M=V D)

and con�nement condition (� sv).
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Modi�cation-2: Longitudinal Reinforcement Term

Comparison of Unit-1 and Unit-15 also suggest that the shear capacity may be affected by

the longitudinal reinforcement ratio. Unit-1 has a larger longitudinal reinforcement ratio

and a higher shear capacity than Unit-15. A similar observation occurs in specimen R-5 in

tests conducted by Sun et al. (1993). This column has a 5% longitudinal reinforcement

ratio and results in a �exural failure with longitudinal reinforcement buckling with minor

diagonal cracking, even with a relatively small transverse reinforcement ratio (0.18%).

This phenomenon can be explained by considering the additional con�nement provided

by longitudinal reinforcements. Therefore, an additional term is added to the shear

capacity to account for the possible additional con�nement effect from longitudinal

reinforcement per Equation 3.24d, in whichksl is the participation coef�cient of

longitudinal reinforcement and the corresponding bending depth, which is suggested to

use 0.075. However, if the transverse reinforcement ratio is too small, the �exural capacity

provided by longitudinal reinforcement may not develop before the shear failure happens.

Therefore, a threshold of 0.175% transverse reinforcement ratio is adopted to apply this

term. The threshold is taken as the mean value of column transverse reinforcement ratio in

pre-ductile (era-1) column designs (era-1).

Modi�cation-3: Transverse Reinforcement Term

In the model proposed by Priestley et al. (1994), the transverse reinforcement term

considers a cracking angle. This term depicts the number of transverse reinforcements

across the shear cracks. The model takes the cracking angle as 30 degrees. In another

shear capacity model (Kato and Ohnishi, 2002), the cracking angle was taken as 45

degrees. Therefore, a mean value of these two (37 degrees) is used in the proposed model.
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Modi�cation-4: Shear Span Ratio

In the model proposed by Sezen (2002), the shear span ratio was limited to the range of 2.0

to 4.0. After modeling and comparing with the experimental results, the shear span ratio

for a valid model is extended to 1.5. When the shear span ratio is smaller than 1.5, it is

taken as 1.5 for the following calculation.

The �nal model is summarized as below.

V = k(Vc + Vsv + Vsl ) (3.24a)

Vc = �

 
6
p

f 0
copsi

M
V D

s

1 +
P

6
p

f 0
copsiAg

!

� 0:8Ag (3.24b)

Vsv = ksv
Ahf yhDc

s
cot 37� (3.24c)

Vsl =

8
>><

>>:

0 ; � sv < 0:175%

ksl
f y � slA g

M
V D

; otherwise:
(3.24d)

Modeling of Degradation of Monotonic to Collapse State

After establishing the nominal shear capacity of the column, the shear spring response

must control degradation to the residual capacity following a speci�ed degradation

stiffness. The residual capacity is often speci�ed as 20% of the nominal shear capacity.

However, from the limited yet informative monotonic pushover results, the degradation

may be better characterized using a bi-linear relationship. The highly brittle cases

(M=V D < 1:75 or � sv < 0:175%) has a steeper �rst degradation branch and a �atter

second branch (Figure 3.17(a)), while the normal cases exhibit the opposite sequence

(Figure 3.17(b)). Based on these experiment results, a new degradation model is

developed to construct a shear spring for modeling shear failure.

Before shear failure occurs, the specimen follows typical �exural behavior, and the

shear spring deforms elastically with stiffness calculated by Equation 3.25 whereGc is the
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(a) (b)

Figure 3.17: Approximated bi-linear degradation of shear columns: (a) Unit-20 in highly
brittle case (Ang, 1985) withM=V D = 1:75; and (b) specimen-4 in normal case (Sezen,
2002).

concrete shear modulus.

K elastic =
GcAg

M
V

(3.25)

After triggering the shear failure, the shear capacity degrades following the degradation

stiffness given by the shear capacity model, i.e.:

8
>>><

>>>:

K d1 = � 0:6
Vn

dy
; for highly brittle case

K d2 = � 0:1
Vn

dy
; for normal case

(3.26)

in which dy = yield displacement of the column specimen, and linear interpolation is

applied to those cases between the above two situations.

The second leg of the degradation line is assumed to apply from about 65% capacity

remaining through zero capacity (or entirely collapsed). Equation 3.27 is adopted to

calculate the ultimate displacement at collapse, illustrated by the red dashed extension in

the shear-spring model shown in Figure 3.18. The ultimate displacement assumes half of
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the capacity degrades followingK d1 and the other half degrades followingK d2.

� C = e1 +
0:5Vn

K d1
+

0:5Vn

K d2
(3.27)

Figure 3.18: Illustration of shear spring de�nition.

Appendix C provides comparisons of responses using the proposed analytical

methodology with experimental test results for an extensive and diverse set of column

designs having a range of failure modes. Overall, these results show that the new modi�ed

methodology captures critical response characteristics for a broader range of column

designs and at a higher degree of �delity than could be achieved using the unmodi�ed

method.

3.2.6 ColumnFoundation

As illustrated in Figure 3.19, column foundations are modeled as a combination of lateral

translational springs and rotational springs in each of two directions. The lateral springs

include ones to capture the foundation-base response, associated with pile lateral resistance

or spread-footing frictional resistance, and soil springs capturing soil load on the side faces
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Figure 3.19: Response models for column foundations.

of either the pile cap or spread footing. The response model for foundation-base springs

is the same as those used in the abutment foundation and will be discussed next. The soil

springs capture the resistance applied by the soil to the side faces of a pile cap or footing

and are therefore symmetric. More detail is provided in the next section.

The rotational spring assigned to the column foundation considers the lesser of two

potential rotational failure mechanisms: 1) 'geotechnical' failure associated with

excessive axial displacement of piles at the foundation perimeter, and 2) 'structural'

failure associated with excessive rotation of poor column-foundation connection details.

The TzSimple1material in OpenSees is used to model the column foundation rotation.

Compared to past studies which used elastic rotational springs, this enhanced strategy

allows for characterization of alternative foundation failure mechanisms for

poorly-designed foundations where column hinge capacity exceeds either the structural or

geotechnical capacity of the foundation.

3.3 Abutment

As previously noted in Table 2.1 and Figure 2.6, abutment choice in California has evolved

from primarily diaphragm-type abutments used in earlier design eras to seat-type abutments

51



used in over 98% of bridges designed since the 1990's. Modern bridge designs use either a

stem wall or cantilever wall with a straight backwall and no haunch on the deck. Therefore,

under considerable seismic loading, the superstructure end diaphragm pushes against the

straight backwall, resulting in shear fracture near the base of the backwall. Moreover, the

use of haunches on the backwall and/or deck is generally limited to early bridge designs

from before the early 1970's. This section will focus primarily on modeling the type A

abutment without a haunch as it is widely used in modern bridge designs. Other types of

abutment types will also be discussed based on this study.

3.3.1 GeneralScheme

A new abutment modeling scheme shown in Figure 3.20(a) has been developed to address

the aforementioned modeling issues with the conventional modeling scheme in Figure 2.7.

A more rigorous and robust spring system is considered in the longitudinal direction by

separating the abutment wall into two segments – the backwall and the stem wall. The

lateral behavior of the backwall is simulated using a backwall connection spring that

connects the backwall node and the stem wall node (i.e., the seat node). In this way, the

back�ll can be consequently separated into two portions, namely back�ll-A and

back�ll-B, if the backwall connection fractures. Speci�cally, the back�ll-A spring

represents the back�ll behind the backwall and connects the backwall node to the

free-�eld node. The back�ll-B spring connects the abutment stem wall/seat node to the

free �eld node, capturing the passive resistance of the remaining back�ll (i.e., the back�ll

behind the stem wall). Therefore, impact forces between the deck and backwall will

transfer into back�ll-B and the abutment foundation before the failure of the backwall

connection. However, after complete fractures of the backwall, only a limited amount of

lateral force from the deck can be transferred to the abutment foundations through the

bearings, and most of the force is taken by back�ll-A. In the transverse direction, a soil

spring is added to the model to approximate soil resistance acting on the side of the stem

52



wall and wing wall.

The geometric interactions of various abutment and soil components are well

represented using the new spring system, where each spring captures the appropriate

response of each distinct component. In this manner, the temporal change in the dynamic

interplay among these components can be reliably quanti�ed, particularly before and after

the backwall fracture when subjected to strong earthquakes. The shape of the backbone

curves for each constitutive nonlinear spring is provided in Figure 3.20(b) and will be

discussed in the following sections.

(a)

(b)

Figure 3.20: (a) Adopted abutment model incorporating the backwall fracture mechanism
(Zheng et al., 2021), and (b) backbone responses of bridge component nonlinear springs
within the abutment modeling scheme.

3.3.2 ShearKey

Megally et al. (2001) summarized the behavior of three types of shear keys named external

isolated shear key, external non-isolated shear key, and internal shear key. As illustrated in

Figure 3.21, the component response of external keys (both non-isolated and isolated) can
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(a) (b)

Figure 3.21: Generic response models for abutment shear keys: (a) external; and (b)
internal.

be generically represented with three segments, whereas only two segments are needed to

capture the response of internal keys. In this research, the OpenSees modeling of all shear

keys usesHystereticmaterial in series with a gap spring.

As an emerging type of shear key, the external isolated key fuses at a lower capacity

level than the non-isolated key as a means to protect the lower portion of the abutment, i.e.,

abutment foundations. Although it is not considered in the probabilistic simulations due to

its limited usage in existing bridges, the isolated shear key is used in the bride shown in

Appendix A and therefore is used in the deterministic simulation of the following section.

(a) (b)

Figure 3.22: (a) Example of shear key diagonal crackings during tests (Megally et al.,
2001), and (b) simpli�ed response models for three types of shear keys.
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The most prevalent abutment shear key in California box-girder bridges is the external

non-isolated shear key. The response of a typical non-isolated shear key is modeled as

three phases until failure following the simpli�cation by Goel and Chopra (2008). Initial

observed damage is the onset of concrete cracking, indicating the yielding of the shear key.

As the extending cracks cut across more and more reinforcements in the abutment wall, the

shear key capacity climbs to the peak. Strength softening initiates when the reinforcement

cannot resist the widening of concrete cracks. In this stage, concrete spalling is seen at the

toe of the wall. An external non-isolated key fails through a combination of mechanisms,

including fracture of reinforcements, concrete crushing at the toe, and large opening of the

inclined cracks.

(a) (b)

Figure 3.23: Illustration of the failure mechanisms: (a) the non-isolated shear key (out-of-
plane breadth noted asb); and (b) backwall passive fracture (out-of-plane width noted as
w).

The capacityVkey for the external non-isolated shear key consists of a concrete termVc

and a steel termVs. The associated variables in Equation 3.28 are schematically illustrated

in Figure 3.23(a). Through experimental veri�cation (Megally et al., 2001, 2003), the

concrete term was directly adopted from the ACI 318-14 (ACI, 2014), in whichb denotes
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the out-of-plane breadth. The steel term can be derived by considering the moment

equilibrium of the left portion of the cracked shear key relative to the base of the diagonal

shear cracks in the stem wall (i.e., point R in Figure 3.23(a)). Speci�cally, the term of

FpHp denotes the moment induced by the pretension forceFp multiplied by the lever arm

of Hp. Similarly, T1H andT2D denote the moments contributed by the major horizontal

reinforcement and the �rst row of steel bars crossing the shear key interface, respectively.

The last two terms denote the moments contributed by the distributed reinforcement,

where nh and nv are the numbers of side faces for horizontal and vertical side

reinforcement, respectively.

Vkey = Vc + Vs (3.28a)

Vc = 2:4bH
p

f 0
copsi (3.28b)

Vs =
1

H + a

�
FpHp + T1H + T2D +

nhTih H 2

2s
+

nvTiv D 2

2s

�
(3.28c)

It was then proposed in Megally et al. (2001) that the force and deformation for the

shear key response model in Figure 3.21(a) can be calculated as the following, in which

b in Equation 3.29g is the out-of-plane breadth. Note that� 1, � 2 and� 3 here does not
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include the initial shear key gap.

� 1 =
p

2" y(Ld + La)
h + d

p
h2 + d2

(3.29a)

� 2 =
p

2" y(Ld + La)
h + d

s
(3.29b)

� 3 =
p

2 � 0:007� (Ld + La)
h + d

s
(3.29c)

Fsk1 = Vs +
� 1

� 2
Vc (3.29d)

Fsk2 = Vkey (3.29e)

Ld =
dbf y

25
p

f 0
copsi

(3.29f)

La � b (3.29g)

Although internal shear keys are uncommon in modern ductile (era-3) abutment

designs, they appear in about 30% of early-ductile (era-2) bridges and are often used in

combination with external non-isolated shear keys. Such a combination increases the

transverse resistance and hence might cause damage to the abutment foundation. It was

suggested by Megally et al. (2001) that the softening brunch of the internal shear key

typically extends approximately 3.5 in after the peak and the strength approximately takes

the minimal of three terms as shown in Equation 3.30, wheref 0
co is concrete strength and

Ac is the area of the shear key-abutment interface.

VN = min
�

11:3
p

f 0
co; 800psi; 0:2f 0

co

�
Ac (3.30)

Validation of the �nite element simulation versus experimental tests (Megally et al.,

2001) is demonstrated in Figure 3.24.

Based on the inventory results, it is assumed that no shear key elements exist in pre-

ductile designed (era-1) bridges. Instead, the constrained transverse response of rocker

bearings provides lateral restraint for era-1 bridges.
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Figure 3.24: Validation of the OpenSees model (red lines) against experimental tests by
Megally et al. (2001).

3.3.3 BackwallFracture

Figure 3.25: (a) Active bending, (b) passive fracture, and (c) a typical seat abutment design

This section describes the development of the backwall connection model that

considers two different failure modes in the two longitudinal loading directions. In the
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active direction (Figure 3.25(a)), the backwall undergoes �exural bending when there is an

active displacement of the stem wall (seat node) relative to the free-�eld, and backwall

nodes: (1) the seat node moves toward the free-�eld and back�ll-A causes bending of the

backwall; or (2) the backwall node itself moves along the active direction under

earthquakes because of its lumped inertia mass. This backwall response in the active

direction is referred to as active bending. In the passive direction (Figure 3.25(b)), the

backwall response is dominated by shear failure when the deck impacts the base of the

backwall. Such shear failure in the passive direction is termed the passive fracture.

Figure 3.26(a) shows the complete parameterized backwall-connection response

model for straight backwall systems that exhibits both passive fracture and active bending,

while Figure 3.26(b) shows the bending response is used in both loading directions for

haunched backwalls where the deck load in the passive direction is applied near the top of

the backwall. Note that for straight-backwall systems, the passive fracture failure

mechanism is considered essential for capturing designed sacri�cial backwall behavior. In

contrast, the active bending mechanism is not expected to cause backwall connection

failure but is included in model development to have a numerically complete response

model for loading in both longitudinal directions.

(a) (b)

Figure 3.26: Generic abutment-backwall connection response models: (a) straight type
exhibiting passive fracture and active bending; and (b) haunched type showing bending
response in both loading directions.

Figure 3.25(c) shows a typical straight-backwall abutment design, where its geometry

and reinforcement details are summarized in Table 3.3. These dimensional models were
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created from a sample of 75 straight backwall of abutment designs for California box-

girder bridges (Roblee, 2018g). The bridges in the sample were randomly selected by

bridge number and broadly re�ected geometric variability representative of modern (post-

1970's) abutment designs used throughout the state. Based on a statistical analysis of the

sample plans, the backwall depth is assumed to be constant, and the remaining parameters

are considered lognormally distributed. In particular, distributions for three parameters

characterizing steel reinforcement are obtained, including the horizontal reinforcement on

the top of the stem wall (RHW), the vertical reinforcement close to the back�ll (RCB), and

the vertical reinforcement close to the deck (RCD). The statistical distributions of these

parameters listed in Table 3.3 form the basis to develop the probabilistic response model

for the backwall connection spring.

Table 3.3: Distributions of geometric parameters and reinforcing details for
abutment backwall

Parameter Unit
Distribution

Typex � y � y LB
L

UB
L

Backwall depthd in C 12 - - -
Backwall heighth ft LN 6 0.24 4.5 7

Bearing thicknessa in LN 3 0.3 1.5 5.5
RCB area per wall width,ARCB in2/ft LN 0.35 0.6 0.15 1.6
RCD area per wall width,ARCD in2/ft LN 0.2 0.4 0.15 0.6
RHW area per wall width,ARHW in2/ft LN 0.4 0.6 0.15 1.6
x C = constant, LN = lognormal, N = normal, B = binomial, and U = uniform.
y � denotes the mean and median for normal distribution and lognormal distribution,

respectively;� denotes standard deviation and dispersion (logarithmic standard deviation) for
normal distribution and lognormal distribution, respectively.L
LB = lower bound, UB = upper bound.

Active Bending

Static pushover analyses were conducted in OpenSees on 320 backwall samples with a

unit width (1 foot) to generate probabilistic backbone curves in active bending. Latin

Hypercube Sampling (LHS) is used to generate the 320 numerical backwall samples from

the statistical distributions shown in Table 3.3. Note that the 320 number is considered
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suf�ciently large to obtain accurate results from LHS sampling and capture a

representative range of responses. The pushover force is applied at the mass center for

each analysis, namely mid-height on the backwall.

Figure 3.25(a) represents the simpli�cation procedure used to characterize each

active-direction pushover response as a trilinear backbone model. Each backbone

response exhibits three phases: the initial linear elastic phase, the post-yielding plateau

phase, and the strength degradation phase. The simpli�cation process involved �rst

identifying the fracture point with two controlling parameters: the displacement where the

reinforcement fracturese2p (unit: in) and the corresponding capacitysp (unit: kips per ft).

A horizontal line was then drawn back from the fracture point to the initial response to

de�ne the yield displacemente1p (unit: in), which determines the initial stiffness. Finally,

a residual strength was assumed to be a conservatively low value of 5% ofsp.

(a) (b) (c)

Figure 3.27: Backwall active bending model: (a) backbone curve modi�ed from each
pushover response, comparison of distributions between analytical results and samples
from the generic model for (b)sp , and (c)e2p.

For application in the probabilistic analyses, it is convenient to express the backbone

shape with two controlling parameters, accounting for variable backwall heights. A

generic model was proposed in Equation 3.31. From basic mechanics for a cantilever

beam, Equation 3.31a relates the lateral resistance of a cantilever beamsp to be the base

moment capacity,M , divided by the backwall heighth. Equation 3.31b provides the

distribution parameters forM determined from 320 backwall realizations. The other

controlling parametere2p is approximately proportional toh2, as given by Equation 3.31c,
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because the contribution of the yield displacement to the total displacement is implicit and

the plastic hinge length is a proportion of the backwall heighth. The value for the

proportion parameterk in Equation 3.31c is estimated as 0.1 in/ft2. The yield

displacement is assumed to be0:1e2p for simplicity.

Fixed ratio models in terms ofe2p were found to reasonably characterize the backbone

displacement valuese1p ande3p. Figure 3.25(b) and (c) compare the distributions between

the analytical results (from pushover responses) and the sampled results (from the proposed

generic model) for the remaining two controlling parameters. A two-sample Kolmogorov-

Smirnov test (Kolmogorov, 1933; Smirnov et al., 1948) is applied to the data to test whether

the two datasets come from the same distribution. The p-values for testingsp and e2p

are 0.546 and 0.997, respectively, much higher than the typical signi�cance level of 0.05.

Therefore, the test does not reject the null hypothesis and concludes that the data are drawn

from the same distribution.

sp =
M
h

(3.31a)

M � LN(37:0 kips� ft=ft ; 0:40) (3.31b)

e2p = kh2 (3.31c)

Passive Fracture

Due to the lack of experiments of straight backwall with a shear fracture in the literature,

a mechanical model for a non-isolated shear key (Figure 3.19(a)) is adapted to create the

backwall passive fracture model (Figure 3.21(b)). The similarity between these elements

is illustrated in Figure 3.23. Although a backwall is a longitudinal component and a shear

key is a transverse component, this adaption is reasonable because: (1) both the backwall

and the non-isolated shear key are subjected to impact forces from the deck; (2) the impact

forces act at the locations where the shear key and backwall collide with the decks, i.e., the
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bearing heighta in Figure 3.20; and (3) the connection details between the shear key and

stem wall are similar to the ones between the backwall and stem wall.

Equation 3.32 are modi�ed from Equation 3.28 and adopted for the calculation of

passive fracture capacitysn of the backwall. It is more reasonable to assume that the

orientation of the cracks in the backwall is 45� rather than cutting through to the base of

the stem wall because the backwall depthd in Figure 3.23(b) is much smaller than the

stem wall heightH . Such a 45� cracking has been validated by previous experimental

results Megally et al. (2001). Equation 3.32c can be derived from Equation 3.28c because

the corresponding reinforcement is not transected by the proposed shear crack.ARHW and

ARCD are de�ned in Table 3.3.

sn = Vc + Vs (3.32a)

Vc = 2:4wd
p

f 0
copsi (3.32b)

Vs =
1

d + a
(ARHW f yd + ARCD f yd) =

f yd
d + a

(ARHW + ARCD ) (3.32c)

The complete mechanical model (Zheng et al., 2021) for the backwall passive fracture is

shown in Figure 3.28(a). Displacement parameters are determined by applying the essential

formulas of the non-isolated shear key model Megally et al. (2001, 2003). Equation 3.33

expresses the relationship between the horizontal crack width (� 0) at the RHW level and the

strain of the horizontal reinforcement ("), in which Ld is the reinforcement development

length, as given by Equation 3.29f andLa is the horizontal distance of the crack region

(see Figure 3.23(a)). Experimental results indicate that such a crack region approximately

equals the bending wall width (Megally et al., 2001).

� 0 = "(Ld + La) (3.33)

When the backwall fractures and rotates as a rigid body, displacement compatibility is

obtained and given by Equation 3.34a. The left-hand side describes the rotation angle at the

63



impact level relative to the bottom-left end of the crack, namely the backwall displacement

en divided by the impact level height of(a + d). The right-hand side calculates the crack

width at the RHW level divided by the corresponding height of(d � c), in which c is

the concrete cover for the RHW. Substituting Equation 3.33 into Equation 3.34a yields

Equation 3.34b, which represents the passive fracture displacement en. The backwall starts

to yield when" reaches the yield strain" y and loses strength when" reaches"u = 0:7%

(Megally et al., 2001, 2003).

en

a + d
=

� 0

d � c
(3.34a)

en = "
(La + Ld)(a + d)

d � c
(3.34b)

A procedure similar to that used to develop the generic backwall active bending model

is also employed to develop a model for passive fracture response. Here, application of LHS

to Equation 3.32 and Equation 3.34 is used to generate 320 probabilistic backbone curves.

Figure 3.28(a) shows a sample backbone curve, in whichsn is calculated by Equation 3.32,

ande1n ande2n are calculated by substituting" y and"u into Equation 3.34b, respectively.

The generic model is then summarized in Equation 3.35 for the two controlling parameters

sn ande1n . The displacemente2n , where the strength starts to decrease, is assumed to be

3.5 times ofe1n for simplicity as"u="y � 3:5.

sn � LN(52:0 kips� ft ; 0:20) (3.35a)

e1n =
sn

6:35sn + 130
(3.35b)

The same procedure is also applied to early-ductile (era-2) straight backwall designs,

which differ slightly from the modern (era-3) designs by the inclusion of additional

reinforcement stirrups at the base of the wall as shown in Figure 3.29. This increases the

fracture capacity of the backwall connection. The applicable model for era-2 designs is
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(a) (b) (c)

Figure 3.28: Backwall passive fracture model (Zheng et al., 2021): (a) backbone curve,
comparison of distribution between analytical results and samples from the generic model
for pre-ductile bridges: (b)sn , and (c)e1n

summarized in Equation 3.36.

sn � LN(89:0 kips� ft ; 0:20) (3.36a)

e1n =
sn

1:25sn + 520
(3.36b)

Figure 3.29: Straight backwall designed in early-ductile (era-2) bridges.
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Haunched Backwall

As detailed in Table 2.1 and Figure 2.6, many pre-ductile bridges (era-1) backwalls

incorporate a haunch detail, commonly on the backwall, but sometimes alternatively or

also on the deck. For these haunched cases, the failure mode in both loading directions is

�exural bending. The difference with the straight backwall in the passive direction is that

the point of loading application is now at the backwall top. For simplicity of application,

the response model for haunched backwall is taken as symmetric in both active and

passive directions, following the model described in Equation 3.31.

3.3.4 Pounding

Figure 3.30: Response model for pounding

The study by Muthukumar and DesRoches (2006) indicated that pounding between

bridge components causes energy dissipation and therefore can have a signi�cant impact

on the overall bridge response.

The adopted pounding model is established by determining two stiffnessK 1 andK 2

as the initial stiffness and post-yield stiffness, respectively (Muthukumar, 2003; Nielson,

2005). Derived from a two-degree-of-freedom system, the contact force due to pounding is

based on the Hertz contact model with nonlinear hysteresis damper. The adjacent pounding

components are assumed to be two spheres with the density of concrete material. With this

assumption, calculating the volume of two pounding objects leads to the radii of the two

spheres noted asR1 andR2. Then the stiffness parameterK h of the Hertz model can be

66



derived using the following equation:

K h =
4

3� (h1 + h2)

r
R1R2

R1 + R2
(3.37)

whereh1 andh2 are material parameters also representative of the same concrete material:

h1 = h2 = h =
1 � � 2

�E c
(3.38)

where� andEc are the poisson ratio and elastic modulus of concrete, respectively. The

energy dissipated during the pounding procedure� E is calculated as:

� E =
K h � n+1

m (1 � e2)
n + 1

(3.39)

Incorporating several constant parameter values (maximum penetration displacement

� m = 1.0 inch,n = 1:5; e = 0:6), Equation 3.39 is further simpli�ed into� E = 0:256K h.

Effective stiffness then determined asK ef f = � E
p

� m and used to compute the two

desired stiffness's with Equation 3.40 witha = 0:1:

K 1 = K ef f +
� E
a� 2

m
(3.40a)

K 2 = K ef f �
� E
a� 2

m
(3.40b)

OpenSees modeling of the hysteresis properties of this material is accomplished by

incorporating twoElasticPPGapelements in parallel. Note that this model considers the

mass of two pounding structures, and thus, the force and stiffness scale of the material used

in the abutment system will be different from the one used in the pounding of adjacent

decks in an in-span hinge. Figure 3.31 compares the responses for pounding between

decks versus deck-to-abutment pounding for the bridge in Appendix A. Both responses

take the gap size as 0.5 inches. The �gure indicates that the pounding force between decks
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is signi�cantly higher than that between deck and abutment.

Figure 3.31: Pounding models hysteretic loops for different adjacent objects

3.3.5 Bearing

Elastomeric pads are used in all ductile (era-3) and early-ductile (era-2) designed bridges.

Steel rocker bearings are very common for non-ductile (era-1) designed bridges, although

a few late-era bridges adopted elastomeric pads.

This research models elastomeric pads as having a simple bilinear response as

illustrated in Figure 3.32(a). This is done within OpenSees using theSteel01material with

zero strain hardening. Two parametersK e and� are used to construct a pad's constitutive

model, in whichK e is the initial stiffness, and� is the friction coef�cient that generates

the yield strengthFy by multiplying by axial loadN on the pad.

While elastomeric pads have the same constitutive model in both directions, steel

rocker bearings have very different responses in the longitudinal and transverse directions.

Figure 3.33(a) shows the rocker bearing most commonly used in early California bridge

designs. The bearing has a curved surface at the top and bottom in the longitudinal

direction, which accommodates translational movement. However, in the transverse
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(a)

(b) (c)

Figure 3.32: Response models for bearings: (a) elastomeric pads; and rocker bearings in (b)
longitudinal direction; and (c) transverse direction. The transverse rocker bearing model
includes both a frictional and a fuse component.

direction, the bearing must �rst fail a pair of retainer bracket bolts before responding as a

frictional connection. In these designs, the transverse restraint provided by the bearing

retainer assembly serves to limit transverse deck movement similar to a shear key.

This research adapts a model by Nielson (2005), developed for high expansion steel

bearings as shown in Figure 3.33(c), to the modeling of the typical California bridge

bearing assembly shown in Figure 3.33(a). The failure modes are comparable with the

exception that the transverse restraint is provided by a pair of pintles rather than

retainer-bracket bolts. However, once the pintles are sheared, all transverse restraint is

lost, whereas the shearing of any pair of the retainer-bracket bolts only allows movement

in one direction. Responses are considered comparable in the longitudinal direction.

In the longitudinal direction, Nielson (2005) validated the model against an

experimental test by usingSteel01material with parametersK eL = 80:0 kips=in,

K pL = 0:018K eL , andFyL = �N , in which � = 0:04 is the friction coef�cient andN is
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(a) (b) (c)

Figure 3.33: (a) Typical rocker bearings used in era-1 California bridges (6.0 inch height
with 2 nuts on each side in the transverse direction); (b) simpli�ed diagram for force
calculation; and (c) high expansion steel bearings (Mander et al., 1996).

the axial load acting on the bearing. The dimension used by Nielson (2005) for validation

is 16.7 inch, which is different from the 6.0 inch bearing height used in California concrete

box-girder bridges. In order to adapt this validated model, it is assumed that the

overturning moment provided by the pintle (or the �at surface in Figure 3.33(b)) is the

yield base momentM y. A bearing rocks to the yield base momentM y when it reaches the

same tilted angle� . Under this assumption, Equation 3.41 derives the relationship of

variables with bearing heightH :

Fy =
M y

H
(3.41a)

� =
Fy

N
=

M y

HN
(3.41b)

K e =
Fy

dy
=

M y

�H 2
(3.41c)

Consequently, the model for typical rocker bearings used in California concrete box-girder

bridges is de�ned used the parameters:K eL = 620:0 kips=in, K pL = 0:018K eL , and
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FyL = �N , in which � = 0:11 is the friction coef�cient andN is the axial load acting on

the bearing.

In the transverse direction, two springs are used parallel to capture the complete

response, namely the fuse and friction springs. The fuse spring models the failure of

retainer pintles (or retainer bracket bolts), whereas the �ction spring models the kinetic

frictional movement between the rocker and the base plate after the failure of pintle (or

retainer bracket bolts). The friction spring is modeled usingK eT1 = 1440 kips=in

(Nielson, 2005) , andFyT 1 = 0:30N , whereN is the axial load acting on the bearing. The

yield deformation of fuse spring is assumed to be 10 mm or 0.39 inch. The model

proposed by Steelman et al. (2014) is used to estimate the capacity of retainer pintles (or

bolts):

FyT 2 = nb(0:6f u)Agb (3.42)

wherenb is the number of retainer pintles or bolts; the 0.6 coef�cient re�ects the assumption

that pure shear controls capacity;f u is ultimate tensile strength of steel; andAgb is the

effective cross-section area of a pintles or bolts, and it's recommended to be taken as 80%

of the nominal cross-section area for threaded nuts. Validation of the high expansion steel

bearing with pintles design against the experimental tests by Steelman et al. (2014) is shown

below. To adapt this model to rocker bearings used in California concrete bridges, the bolt

numbernb in Equation 3.42 is changed to 2, accounting for the pair of bolts are sheared in

the transverse direction.

3.3.6 Foundations

Two general classes of foundations, piles and spread footings, are commonly used to

support both abutments and bents of California bridges. Figure 3.35 illustrates

parameterized models for the translational response of these two foundation types. Note

that large-diameter drilled shafts of various designs are also used at bent locations, but

these are treated as special cases of column-bent modeling.
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Figure 3.34: Validation of the OpenSees model (red lines) against experimental tests by
Steelman et al. (2014).

(a) (b)

Figure 3.35: Response models for foundation translational springs: (a) piles; and (b) spread
footings.

Pile Foundation

A multi-linear model, de�ned byHystereticmaterial in OpenSees, is used to capture the

seismic response of various pile foundation types using a set of models developed by Xie

et al. (2021, 2020). These transverse-response models all require �ve parameters as

illustrated in Figure 3.35(a): the ultimate strengths2 and corresponding deformatione2,

the ratio� e12 between yield deformation ande2, ratio � s32 between degraded strength and

s2, and the ratio� e32 between the deformation at onset of degraded strength ande2.

The modeleds2 value represents the ultimate lateral resistance of a single pile. Most

pile foundations involve an array of multiple rows and/or columns of piles, and their

interactions typically reduce pile-group capacity below that of the simple summation of

individual pile capacities. This is commonly handled with 'group factors' or
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capacity-reduction ratios. These factors, herein denotedf m , are applied to individual piles

based on pile spacing and pile position within the group and relative to the direction of

motion.

(Xie et al., 2021) suggested the following procedure, based on Rollins et al. (2006), for

computing a group ampli�cation factorgf to scale up the backbone response of a single pile

to that for a group of piles. This process is performed separately for each loading direction.

Note that the ampli�cation factorgf incorporates the impact of multiple group factorf m

applied to individual rows of piles. Figure 3.36 shows a4 � 6 pile group representative

of a typical pile cap which might underlie a single column bent of a modern bridge. For

procedure illustration purposes, the ampli�cation factor is only considered for the longer

axis undergoing a leftward direction of motion. In the direction of motion, there arenr = 6

rows andnp = 4 piles at each row.S in the �gure represents the center-to-center spacing of

piles, andD is the pile dimension. The group factors are largest for the leading row of piles

in the direction of motion, which engage the largest volume of soil, and become smaller for

trailing rows that are in the shadow of the leading row. The Rollins et al. (2006) procedure

assigns the larges group-factor valuef m1 to the �rst row, a reduced valuef m2 to the second

row, and the smallest valuef m3 to the third and all subsequent rows as follows:

Figure 3.36: Illustration for calculating pile group effect.
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0:0 � f m1 = 0:26 ln
S
D

+ 0:50 � 1:0 (3.43a)

0:0 � f m2 = 0:52 ln
S
D

+ 0:00 � 1:0 (3.43b)

0:0 � f m3 = 0:60 ln
S
D

� 0:25 � 1:0 (3.43c)

The �nal ampli�cation factorgf for this direction of motion sums up the individual pile

contributions by row and can be written as follows, whereI (�) is the indicator function that

equals 1 if the condition is true and 0 otherwise.

gf = f m1np + f m2npI (nr > 1) + f m3np(nr � 2)I (nr > 2) (3.44)

Spread Footing Foundation

In this research OpenSees modeling of footing sliding behavior uses theTzSimple2

material (Raychowdhury and Hutchinson, 2008). This model requires two controlling

parameters: ultimate capacitytu and a deformation valuez50 corresponding to 50% oftu.

The distributions adopted for this research are summarized in the Chapter 5.

3.3.7 Soil LoadsonStructuralElements

Figure 3.37: Response model for passive soil loads.

The passive resistance of soil on a structural element, such as the back�ll load on an

abutment, is typically modeled using nonlinear springs with a hyperbolic shape
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(Shamsabadi et al., 2007; Shamsabadi and Yan, 2008; Xie et al., 2019), where the soil

resistance is a function of the contact dimensions and embedment depth of the structural

element. Active soil resistance is not modeled. The probabilistic hyperbolic back�ll-soil

model with depth effects developed by Xie et al. (2019) is adopted herein and modeled in

OpenSees usingHyperbolicGapmaterial. This same hyperbolic model formulation used

for back�ll loads is also used to characterize passive loads acting on the front and side of

the abutment as well as on the sides of pile caps and footings. Depending on location,

these soil loads may be referred to as back�ll, front�l, or side�ll loads.

An important feature of abutment modeling adopted in this research per Figure 3.20

is isolating the different soil loads acting on the backwall and stem wall after backwall

fracture. To implement this, the Xie et al. (2019) model is extended used to allow separation

of backwall reactions into the back�ll-A and back�ll-B components. Equation 3.45 are

the general formulae for the backbone model whereP is the unit reaction force for wall

displacementy, H is the wall height,H0 = 5:5 feet, and the parametersPult; 0, K max; 0, � 1,

and� 2 are model coef�cients which depend on back�ll soil type.Rf is back-calculated for

the sampled values ofPult andK max .

P =
y

1
K max

+ Rf
y

Pult

(3.45a)

Pult = Pult; 0

�
H
H0

� � 1

(3.45b)

K max = K max; 0

�
H
H0

� � 2

(3.45c)

Equation 3.46 show the implementation for back�ll-A response where the parameters

Pult;A andK max;A are scaled from the total-height (i.e., back�ll-A and back�ll-B) response
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parameters which are initially speci�ed.

Pult;A = Pult;T

�
HA

HT

� � 1

(3.46a)

K max;A = K max;T

�
HA

HT

� � 2

(3.46b)

Rf;A = 1 �
Pult;A

0:05K max;A HT
(3.46c)

As a �rst approximation considering the two back�ll loads as parallel springs,

Equation 3.47 show that back�ll-B response parametersPult;B andK max;B are taken as

the difference between values for the total height and backwall height. For both the

back�ll-A and back�ll-B calculations, theRf term is back-calculated assuming the

ultimate resistance is attained at the same mobilized deformation, which is taken as 5% of

the total wall height (HT ).

Pult;B = Pult;T � Pult;A (3.47a)

K max;B = K max;T � K max;A (3.47b)

Rf;B = 1 �
Pult;B

0:05K max;B HT
(3.47c)

An alternative strategy is adopted to address two minor de�ciencies in parallel spring

simpli�cation to separate the back�ll-A and back�ll-B. First, theRf;A calculation in

Equation 3.46c is a function of the total heightHT . The assumption means the response

model for the back�ll-A soil depends on the height of the back�ll-B soil, which is not

rigorously de�ned. Second, in the simpli�ed approach, the resistance calculated by

subtracting back�ll-A from total (PT � PA ) is about 10% less than the back�ll-B model

calculated by Equation 3.47 (Figure 3.38(a)); or in other words, the total resistance from

the two parallel springs (back�ll-A and back�ll-B) is not the same as modeling the

combined back�ll directly.

To better address this problem, Equation 3.46c is �rst modi�ed to use0:05HA as the
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(a) (b)

Figure 3.38: (a) Difference between calculation of back�ll-B model by subtracting back�ll-
A from total and by Equation 3.47; (b) same comparison using Appendix D.

deformation attaining ultimate capacity in Equation 3.48. The remainder of the

modi�cation uses polynomial equality to calculate the back�ll-B parameters as detailed

Appendix D. Figure 3.38(b) shows this modi�ed strategy addresses the de�ciency in the

parallel spring approximation and produces compatible response values for back�lls T, A,

and B.

Rf;A = 1 �
Pult;A

0:05K max;A HA
(3.48)

3.3.8 SkewEffectsonBack�ll Soil Response

Bridge skew has long been recognized to have an impact on bridge response and is routinely

incorporated into fragility assignments (FEMA, 2003). Accurate prediction of overall skew

effects must include consideration of the impact which skew has on back�ll soil response.

This research adopts two modi�cations to back�ll response models resulting from skew:

1) an overall reduction factor, and 2) a non-uniform distribution factor as illustrated in

Figure 3.39.

The overall reduction factor, identi�ed by Shamsabadi and Rollins (2014), reduces the

total back�ll response acting on a skewed abutment relative to an unskewed (or straight)

abutment per Figure 3.39(a). The reduction factorR(� ) is applied to the strength/stiffness
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of the response model of a straight bridge. An exponential decay relationship was proposed

by Shamsabadi and Rollins (2014) and then updated by Shamsabadi et al. (2020). This

project adopts the median reduction-factor model proposed in Shamsabadi et al. (2020)

where� in Equation 3.49 is the bridge skew angle. Note that dispersion in this reduction

factor model is not considered since the Xie et al. (2019) back�ll response model already

incorporates probabilistic effects.

R(� ) = e� 0:021� (3.49)

(a) (b)

Figure 3.39: Skew effects on soil behaviors: (a) overall reduction factor; and (b) non-
uniform distribution of soil resistance.

The second factor pertains to the local distribution of the soil capacity in a skew

bridge. As illustrated in Figure 3.39(b), the skewed abutment develops an asymmetric

passive soil wedge when the abutment is rotated. Moreover, the back�ll soil volume,

mobilized per unit length of abutment wall, increases from the deck-obtuse corner toward

the deck-acute corner, as more soil is engaged at the deck-acute corner than at the

deck-obtuse corner. Equation 3.50 is the model proposed by Kaviani et al. (2012) which is

adopted for this research. The� (� ) value represents the maximum difference in response

over the full width of the abutment. Thus, the combination of the two skew factors on

back�ll response becomesR(� )(1 + � (� )=2) at the deck-acute corner, and

R(� )(1 � � (� )=2) at the deck-obtuse corner. These response modi�ers are applied

individually to both strength and stiffness values of each soil response in the
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�nite-element model and are assumed to vary linearly with position along the abutment.

� (� ) = 0 :3
tan �

tan 60�
(3.50)

3.4 Ground Motion Set and Structural Damping Model

3.4.1 GroundMotions

To develop �delity in the PSDM, it is important to have a wide range of ground motions

with a large variation ofSa1 (spectral acceleration at 1.0 second) values orPGA (peak

ground accelerations) to ensure the evaluation of a suf�cient range of bridge responses.

The current study utilizes the T1780 ground motions speci�ed by Roblee (2015c,b),

selected from the NGA-2 database (Bozorgnia et al., 2014) and assembled by Mangalathu

(2017) and Soleimani (2017). These motions were developed speci�cally to be broadly

representative of a wide range of California bridge sites, and consist of the 320 scaled

recorded ground motions listed in Appendix B. As illustrated in Figure 3.40(a), the

distribution of theSa1 values for the T1780 ground motions (from 0.01 g to 2.72 g) is

wider than that of Baker et al. (2011) used in early feasibility phase of this project.

Further, a greater proportion of the T1780 records have highSa1 values to better assess

bridge responses in the nonlinear regime. These T1780 ground motions were speci�ed as

20 sets with 16 ground motions in each set having an ensemble averageSa1 which closely

approximates a targetSa1 value for the set. As shown in Figure 3.40(b), the medianSa1

increases from set-20 to set-1 with a progressively higher concentration of motions from

the elastic to the highly-nonlinear structural response regimes. All 320 downloaded

excitations have two orthogonal components and are randomly oriented and applied to the

longitudinal and transverse directions of bridge models.

Although the original T1780 set shown here included several motions in the high

nonlinear response region, project experience showed that these alone were insuf�cient to

accurately constrain the high-demand response of modern ductile bridges having
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(a) (b)

Figure 3.40: Features of the T1780 (Roblee, 2015c,b, 2016d) ground motion sets: (a)
comparison ofSa1 distributions used in earlier feasibility studies (from Baker et al. (2011))
with T1780 set used in this study; and (b) distribution ofSa1 values for each of the 20
T1780 sets relative to the target spectrum for each set.

high-capacity components. Therefore, an additional set of even high-level motions was

created by uniformly scaling set-1 and set-2 of the T1780 motions to 3.00 g to improve the

prediction accuracy of the demand models of modern bridges.

Finally, note that the selection ofSa1 as the intensity measurement (IM) in the PSDM

model is based on the work of Ramanathan (2012), which indicated thatSa1 is the optimal

intensity measure for the class of California concrete box-girder bridges.

3.4.2 DampingModel

Rayleigh damping (Rayleigh, 1896) is one of the most commonly used damping models

that is adopted in this research. The frequency characterizes Rayleigh damping within two

bounding structural frequencies! i and! j , where the damping ratio within this range is

smaller than� . For a mode shape involving oscillation of only a small part of the structure

(a local mode), the corresponding frequency is usually substantial, which results in a

substantial damping ratio. Those high-frequency modes are overdamped and thus limit the

considered modes to lower frequencies.

80



Figure 3.41: Rayleigh damping model.

Two parameters are needed to specify a Rayleigh damping model. These two

parameters correspond to the structure mass matrix (M ) and tangent stiffness matrix

(K T ), respectively, and the damping matrix for an element (D) is speci�ed as a

combination ofM andK T by the following equation:

D = �M + �K T (3.51)

where � =
2�! i ! j

! i + ! j
and � =

2�
! i + ! j

. ! i and ! j are the structure frequencies

corresponding to thei th andj th mode shapes. Based on the established rules for use of of

Rayleigh damping, in order to damp out higher modes, the modes considered in this

research are speci�ed as the1st and the5th modes. This assumption is based on

simulation results which show that most analyzed concrete bridges have a local mode

shape after the5th mode. An example veri�cation of dynamic modeling using this strategy

for Rayleigh dampling speci�cation can be found in section C.5.

3.5 Deterministic Example Illustration (OSB-1 Bridge)

Simulated deterministic responses for the two-span box-girder multi-column bent bridge

with seat-type abutment shown in Appendix A are used in this section to demonstrate the
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effects of several of the adopted modeling strategies described earlier in this chapter.

3.5.1 AbutmentModels

This �rst section explores the impact of adopting the abutment model illustrated in

Figure 3.20 by contrasting its responses for primary bridge components with those

produced by two conventional models. The identical bridge model is analyzed using the

adopted abutment model (Figure 3.20), referred to as Model-A hereafter, and two

conventional abutment modeling schemes (Figure 2.7) called Model-C1 and Model-C2

used in prior research. Model-C1 and Model-C2 differ only in the value assigned to the

back�ll spring. Model-C1 assumes the back�ll height to be limited to the backwall height

(i.e., considers only back�ll-A) throughout loading. Model-C2 assumes the back�ll height

to extend the total wall height (i.e., considers both back�ll-A and back�ll-B) throughout

loading. Model-A also considers response contributions of both back�ll-A and back�ll-B

but allows for decoupling during loading upon backwall fracture. Note that the C2 model

assumption of using total abutment-wall height for estimating back�ll reaction force is not

commonly used for design. Its inclusion in this paper is primarily to illustrate

end-member modeling options which produce results that bracket and provide context to

the responses produced by the adopted model. All models use the same transverse

con�guration as Model-A to isolate the difference in longitudinal response caused solely

by backwall fracture.

Pushover Analysis in Longitudinal Direction

Longitudinal pushover responses of the primary components of the bridge system are

compared in Figure 3.42 for the three alternative abutment models (Model-A, Model-C1,

and Model-C2). Figure 3.42(a) compares the total abutment reaction, which consists of

the forces in springs back�ll-A, back�ll-B, and foundations in Figure 3.20.

Figure 3.42(b)-(d) compare the passive responses of the back�ll, bearings, and
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longitudinal foundations in the abutment, respectively. Before the closure of the joint gap

between the backwall and deck (at 2.0 inches), the deck response is controlled only by the

bearings. In this stage, all three models exhibit the same behavior. After the gap is closed,

the three models start to behave differently. Each model is separately discussed below.

For Model-C1, the abutment is laterally supported by back�ll-A and the foundation.

Figure 3.42(a) shows that the abutment reaction reaches the 2350 kips peak at about

3.0 inches and then starts to decrease due to failure of the abutment foundation. The

back�ll provides an ultimate resistance of about 1550 kips (Figure 3.42(b)), but provides

only about 1250 kips when the piles reach peak capacity at about 1.7 inch deformation.

The bearings deform by only 2.0 inches (Figure 3.42(c)) before “locking” due to closure

of the 2.0 inches joint gap and minor deformation of the impact element. Since this model

does not consider the backwall fracture, the deck continues pushing the backwall, stem

wall, and abutment foundation. Thus, the abutment foundation experiences a large

post-peak deformation (Figure 3.42(d)), whereas the bearings experience only a small

deformation controlled by the joint gap.

For Model-C2, the abutment has an additional resistance from back�ll-B compared to

Model-C1. Due to the large and increasing capacity of back�ll-B, the abutment reaction

continues increasing (Figure 3.42(a)) even as the foundation fails. At a displacement of

10.0 inches, the Model-C2 reaction is larger than those of the other two models by about

4000 kips (Figure 3.42(b)). Again, since Model-C2 does not consider backwall fracture,

bearing deformation remains in the elastic range reaching only 2.4 inches (Figure 3.42(c)),

and large foundation deformation is also observed in this model (Figure 3.42(d)).

Unlike Model-C1 and Model-C2, the backwall fracture mechanism is considered in

Model-A to decouple the responses of back�ll-A and back�ll-B accurately. As shown in

Figure 3.42(a), the Model-A reaction includes both back�lls and the foundations before

the backwall fracture at approximately 3.1 inches. Once the backwall fractures, the

Model-A reaction loses the support of both back�ll-B and the foundations and is suddenly
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