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SUMMARY 

Structural health monitoring (SHM) provides numerous benefits when assessing 

the condition of a structure for long-term degradation or response to an extreme event. The 

Nevada Department of Transportation (NDOT) was interested in exploring SHM as an 

asset monitoring tool for their inventory.  As such, the objectives of the current study were 

to develop and implement two SHM systems for the Galena Creek Bridge, located along 

I-580 and U.S. Route 395 between Reno and Carson City, NV.  Completed in 2012, the 

Galena Creek Bridge is the largest concrete cathedral arch bridge in the world.  The bridge 

is a twin 526.2-meter long, seven-span, two-cell reinforced concrete box girder structure.  

The two SHM systems consisted of a primary seismic system and a secondary exploratory 

system. Both systems were installed on the northbound structure to measure the structural 

response to seismic activity as well as to routine traffic, thermal expansion and contraction, 

and wind events.  The seismic system consisted of 33 accelerometers and a seismograph, 

while the exploratory system included temperature, wind, displacement, and tilt sensors.  

The system software was designed to send real-time notifications to proper authorities on 

the condition of the bridge following a predefined trigger event. 

To compliment the SHM systems, a detailed finite element model was developed 

in CSiBridge to improve the understanding of the Galena Creek Bridge structural response. 

A parametric study examined how a range of variables influenced the dynamic properties 

of the structure.  Static dead load, modal, and time-history analyses were performed to 

provide insights on the influence of each parameter.  Recommendations are provided to 

enable future model calibration to the field-measured data from the SHM systems. 
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CHAPTER 1. INTRODUCTION 

1.1 Background Information 

The Galena Creek Bridge system carries Interstate 580 and U.S. Route 395 over the 

Galena Creek, between Carson City and Reno, Nevada (NDOT, 2019). The bridge is 

comprised of two 526.2-meter long, seven-span, two-cell reinforced concrete box girder 

bridges. Span 3 of the structure has a length of 210 meters and is supported by a reinforced 

concrete arch, distinguishing the Galena Creek Bridge as the largest cathedral arch bridge 

in the world (Figure 1.1). Elastomeric bearing hinges located in Span 2 and Span 4 divide 

the structure into three frames. The northbound and southbound units are connected by a 

link slab along Frame 2 which provides resistance to lateral loads. The deck of each bridge 

carries three lanes of traffic and experiences an annual daily traffic (ADT) of 18,000 

(NDOT, 2019). Construction of the Galena Creek Bridge was completed in August of 2012 

(Carr and Sanders, 2013). 

 

Figure 1.1: Elevation view of the Galena Creek Bridge 
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 The Galena Creek Bridge is located within a 1,000 km long geological depression 

called Walker Lane, which runs along the Nevada-California border (Briggs and 

Hammond, 2011). Walker Lane is a collection of active faults, a product of interactions 

between the Pacific and North American tectonic plates. As a result, Walker Lane is subject 

to frequent, and sometimes severe, seismic activity. Earthquakes, such as the 2019 

7.1-magnitude earthquake recorded in Ridgecrest, CA, can pose a significant threat to 

structures located in the Walker Lane network of faults (Wolterbeek, 2020). 

Upon completion of the Galena Creek Bridge, a structural health monitoring (SHM) 

system was installed by researchers at the University of Nevada at Reno (UNR) to better 

understand the physical and dynamic properties of the structure (Carr and Sanders, 2013). 

Accelerometers were located throughout the southbound superstructure and baseline data 

were collected through a series of field tests. A finite element analysis (FEA) model was 

made of the Galena Creek Bridge to estimate the individual component forces due to the 

tests (Carr and Sanders, 2013). The field-measured time-history data served as input for 

the computational model. The UNR SHM system was initially intended to be a permanent 

fixture; however, it was abandoned after the completion of the 2013 study.  

1.2 Problem Statement 

The objective of this research was to enhance the understanding of the behavior of 

the Galena Creek Bridge through computational modeling and the development and 

implementation of two new, permanent SHM systems. These systems provide continuous 

monitoring of the bridge behavior during routine service loads, such as traffic, wind, and 
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thermal expansion, as well as extreme events, such as seismic events. The project has been 

divided into three primary objectives: 

1. The design and installation of a primary SHM system designed to capture the 

structural response during seismic loading, consisting of 33 accelerometers and a 

tri-axial seismograph. The seismic system is similar to a proven system design used 

by the United States Geological Survey (USGS) to monitor the seismic response of 

buildings as part of the Strong Motion Project; however, the current project is the 

first adaptation of the system to a bridge structure.  

2. The design and installation of a secondary, exploratory SHM system that aims to 

extend the capabilities of the proven seismic software to include displacement, tilt, 

temperature, and wind response using potentiometers, inclinometers, temperature 

gauges, and anemometers.  

3. The development of a FEA model of the Galena Creek Bridge using CSiBridge. A 

parametric study was conducted to evaluate changes in the structural response 

relative to a defined set of parameters.   

Both SHM systems were programmed with threshold values that trigger alerts to the 

research team and the Nevada Department of Transportation (NDOT). The notifications 

include a report on the response and inspection priority. The system has the ability to 

generate multiple report types based on the recipient, such as inspector, engineer, or 

seismologist. Ultimately, the goal of NDOT is for the Galena Creek Bridge SHM systems 

to serve as a catalyst for the implementation of future SHM systems.  
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CHAPTER 2. LITERATURE REVIEW 

2.1 Concrete Bridge Behavior 

2.1.1 Prestressed Concrete Structures 

Prestressing is a method which mitigates the inherent shortcomings of concrete 

members to internal tensile stresses by applying compressive forces along the component 

(ACI, 2021). Pre-tensioning and post-tensioning are the two primary methods of 

prestressing concrete (FHWA, 2013). The tensile strength of concrete is approximately 

10% of the strength in compression (FHWA, 2013); as such, tensile stresses can easily 

cause concrete components to crack, potentially exposing the steel reinforcement and 

compromising the long-term durability. Steel tendons are used to apply internal stresses to 

an unloaded concrete member thereby reducing the area of tensile stress within the member 

when subjected to design loads and decreasing the likelihood of cracking and spalling. In 

addition, prestressing concrete mitigates the deflection of the member under design loads, 

which has the additional benefit of visual appeal to the consumer or client.  

The tendons used in pre-tensioning are applied with a jacking force before the 

concrete is cast. In contrast, post-tensioning involves applying the jacking force after the 

concrete has cured to a specified minimum compressive strength. For post-tensioning, 

concrete is cast around ducts containing steel tendons. The transfer of forces is performed 

by anchoring the dead end and using a hydraulic jack apply a predetermined stress to the 

steel tendons. Wedges are then used to secure the tendons of the free end into place.  
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Losses in the transfer of stresses from the steel to the concrete result from a range 

of variables: warping of the concrete member, friction between the tendon and duct, duct 

wobble, and the change in angle between the free end and the anchored end (FHWA, 2016). 

Losses in force transfer due to wobble and friction are directly proportional to the length 

of the ducts. Once cast, the tendons used in pre-stressed concrete are fixed. 

2.1.2 Seismic Behavior of Concrete Structures 

The seismic behavior of reinforced concrete structures present unique challenges 

to integrity evaluation. Areas of concrete elements subject to tensile stresses are, often by 

design, prone to cracking. General concrete members are designed for tensile stresses to 

flow through the reinforcing steel, allowing the structure to function under the design loads. 

Most modern design codes assume linear-elastic behavior for seismic design (Taylor and 

Sanders, 2008). In practice, cracking changes the properties of the cross section and, 

subsequently, the dynamic behavior. The opening and closing of cracks during cyclic 

loading results in non-linear behavior (Gunes and Gunes, 2021). Additionally, the 

development of new cracks and the growth of existing cracks during a seismic event further 

complicates dynamic response. 

Examination of concrete bridges in the aftermath of seismic events suggests trends 

in the damage sustained. On May 12, 2008, the Sichuan Province in China experienced a 

magnitude 8.0 earthquake followed by several magnitude 6.0 aftershocks. A majority of 

the $1 billion in damages to the transportation infrastructure was related to bridges. 

Following this disaster, researchers from the Beijing University of Technology conducted 

a survey of 320 major reinforced concrete bridges to quantify the extent of the damage and 
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the method of failure (Qiang et al., 2009). Of the 320 structures investigated, 14% had 

severe damaged and could no longer safely carry live loads and 39% exhibited moderate 

damage that impeded the flow of daily traffic. 

Recurring modes of damage documented in the investigation were unseated girders, 

displaced substructure foundations, and failure of pier columns. The latter of these cases 

was the most prevalent, with single pier columns displaying the most damage (Qiang et al., 

2009). Columns that had sufficient ductility to prevent failure suffered cracks and spalls on 

all faces exposing the steel reinforcing. Conversely, columns that lacked the ductility 

required to accommodate excessive deformation developed extreme internal stresses. 

Failure of reinforced concrete pier columns in both bending and brittle shear were 

documented. 

The basis of the seismic design of concrete columns is the distribution of inelastic 

behavior to designated regions throughout the structure to prevent collapse (Taylor and 

Sanders, 2008). Insufficient transverse reinforcement leaves columns vulnerable to shear 

failure, which is often brittle and results in the loss of axial load carrying capacity (Feng, 

Kaya and Ventura, 2016). Seismic testing of concrete columns in controlled environments 

offers valuable insight into the dynamic properties and modes of failure. One example of 

experimentally evaluating the seismic performance of concrete columns was by applying 

progressively stronger ground accelerations to a concrete column (Sakai and Unjoh, 2006). 

The test focused on increasing the magnitude of cyclical loading applied to a reinforced 

concrete column to observe the progression of damage. The results of the test were 

indicative of the physical response of bridge piers to extreme earthquakes.  
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The series of tests conducted by Sakai subjected a 0.6 m diameter circular concrete 

column of a height of 2.14 m to triaxial accelerations. The sample was composed of 41.7 

MPa concrete and 351 MPa deformed bars.  The column was reinforced by forty 10 mm 

diameter longitudinal bars and 6 mm diameter hoops spaced at a 75 mm pitch. The dead 

load of a superstructure was emulated using a 27,000 kg concrete mass at the top of the 

column. 

The columns were subjected to select accelerations from ground motions recorded 

during a 1983 earthquake in Nihonkai Chubu, Japan. The first series of tests applied the 

ground motions at an amplitude of 20% of the recorded ground motion to keep the behavior 

of the structure within the elastic range. The second series of tests increased the amplitude 

of the ground motions to 400% of those recorded to observe damages during a nonlinear 

dynamic response.  

The 20% ground motion resulted in a maximum lateral displacement of 7 mm and 

no permanent deformation. None of the reinforcing steel had yielded and the concrete 

exhibited several hairline cracks. Conversely, the 400% ground motion resulted in the 

column experiencing plastic deformation, significant spalling, and a severe decrease in 

moment capacity; however, it remained vertical and retained axial capacity. The damage 

was most prevalent along the bottom 0.25 m of the column where the longitudinal rebar 

had buckled outwards and fractured, resulting in permanent deformation. Once buckling 

occurred, the flexural capacity of the column decreased by 70% and the column exhibited 

a permanent story drift of 0.196 m. The transverse reinforcement controlled the failure to 

buckling due to bending moments despite lateral loads up to 108 kN.  
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2.1.3 Barrier Rail Influence on Structure Behavior 

Barrier rails, also referred to as parapets, are not typically considered as structural 

elements during design, despite influencing the properties of a bridge. Ignoring the effect 

of secondary elements, such as barrier rails, provides conservative calculations on the load-

bearing capacity of bridge girders, but may not accurately represent the actual in-service 

structural behavior (Eamon and Nowak, 2002).  

To observe the contribution of secondary structural elements, a 2002 study (Eamon 

and Nowak) used finite element modelling (FEM) software to demonstrate the behavior of 

a series of simple-span, two-lane, bridges subjected to live loads. A total of 18 bridges were 

studied of varying span length, girder spacing, and girder type. Spans of 10 m, 30 m, and 

50 m were evaluated, while girder spacings were either 2 m, 3 m, or 4 m. Both composite 

steel girders and prestressed concrete girders were considered. Loading consisted of an 

AASHTO HS-20 for all analyses. Various combinations of barriers, diaphragms, and three 

types of sidewalks were studied, cumulating in 240 simulations. 

The results of the experiment indicated that the secondary structural elements 

increased the bridge load bearing capacity. A control bridge without additional secondary 

elements was dominated by a flexural response of the first interior girder, regardless of 

girder type. The inclusion of sidewalks and barrier rails to the models decreased the 

moment distribution factors of all girders under identical loading because the secondary 

structural elements carried a portion of the load. The exterior girders experienced as much 

as a 40% decrease in the moment distribution factor. As the girder location approached the 

centerline of the bridge, the decrease in distribution factor reduced. Specifically, the 
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inclusion of the barrier rail on both sides of the deck increased the moment capacity of the 

10 m long model by a factor of 1.9. The influence of the secondary structural elements 

decreased as the length of the simple span bridge increased. The 30 m span model increased 

in moment capacity by 1.3, while the 50 m span model increased by a factor of 1.15. 

Studies also considered other parameters to account for differences between the 

AASHTO predicted structural behavior and actual field test results (Conner and Huo, 

2006). ANSYS 6.1 was used to create FEA models of two-span continuous bridges of 

varying widths and skews to evaluate the influence of barrier rails in areas of negative 

moment. Each span measured 23.86 m long and was supported by prestressed AASHTO 

Type III concrete beams spaced at 2.74 m. The relationship between the span length and 

deck width, also referred to as the aspect ratio, was adjusted by either controlling the 

number of girders or by varying the deck overhang. Aspect ratios ranged from 0.5 to 2.9. 

In addition, each bridge was evaluated with a skew of 0° and 45°, resulting in 34 models. 

The AASHTO HS-20 truck was used to perform the live load analyses.  

The study concluded that the addition of barrier rails reduced the distribution factor 

of the exterior girders by up to 36% and the interior-most girder by up to 13% in both the 

positive and negative moment regions. The aspect ratio of the structure had a marginal 

impact on the moment distribution factors. The distribution factors were unaffected by 

aspect ratios below 1.8. The addition of the 45° skew mitigated the stiffness provided by 

the barriers by up to 4% with the exterior girders showing the most significant changes.  

Evaluation of in-service bridges have also been conducted to quantify the behavior 

of secondary elements on the global structural response. Researchers from Purdue 
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University investigated the influence of parapets on live load distribution factors on two 

bridges with varying geometries in Indiana (Akinci, Liu and Bowman, 2008). The US-52 

bridge in Lafayette, IN consists of one concrete span and five continuous steel spans of 

varying lengths. The I-65 Bridge in Hobart, IN is a single-span steel plate girder bridge 

with integral abutments. Both bridges had unique girder types, girder spacing, widths, and 

parapets. The US-52 bridge was retrofitted with an 0.84 m tall parapet in 1989 and the I-65 

structure was designed with a 1.17 m tall parapet. Another significant difference was that 

the I-65 bridge had a structurally-continuous barrier rail while the length of the US-52 

bridge required expansion joints in the barrier rail. FEA models were developed in 

SAP2000. In addition to the HS-20 design truck, superload trucks defined by Indiana and 

Wisconsin Departments of Transportation were used to produce additional live load 

conditions. The FEA column design software PCA Column V.2003 was used to calculate 

the axial and bending moment capacity for each parapet.  

The case study of the two Indiana bridges confirmed that the parapet reduced the 

distribution factors by up to 30%. Discontinuities in the bridge parapet, such as expansion 

joints, acted as stress concentrations. In areas of positive moment, the parapet discontinuity 

created a notch effect, intensifying the stresses in the bottom flange of the exterior girder. 

In areas of negative moment, tensile stresses led to significant cracking in the bridge deck 

and parapet. The stiffness contribution from a parapet was directly proportional to the 

stiffness of the standalone parapet, meaning a stiffer parapet attracted higher stresses and 

increased the capacity of the bridge.  

A further investigation on barrier rail stiffness by Eddine, Tarhini and Mabsout, 

(2020) evaluated span length, girder spacing, barrier stiffness, and railing configurations. 
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A single-span simply-supported steel girder bridge was modelled using SAP2000. Much 

of the previous research studying parapet effects on structural behavior assumed barriers 

on both sides of the bridge deck. To further scrutinize the relationship between the 

distribution factors and load position, barrier rails were added individually on each side of 

the deck as well as to both sides simultaneously. The control railing, which had dimensions 

of 0.2 m x 0.76 m, had a baseline stiffness that served as the standard of comparison for 

the variant models. The stiffness of the barrier rail in the variant models was controlled by 

editing the height of the barrier rail between 0.62 m and 1.22 m. Increasing the height of 

the component increased the stiffness. By editing the height of the barrier rail modeled, the 

study considered barrier rails with factored stiffnesses of 0.5, 2.0, 3.0, and 4.0. AAHSTO 

HS-20 design trucks were used to apply live loads for each of the 240 simulations.  

The previous studies demonstrate secondary structural elements result in greater load 

bearing capacity than assumed through traditional calculation methodologies. However, 

research on the parapet contributions to bridge capacity is a relatively modern field of study 

and many questions remain unexplored. A recurring theme throughout these studies is that 

as the complexity of the structure increases, the stiffness contribution from the parapet 

decreases. This implication leaves room for further examination of barrier stiffness effects 

on complex structures, such as the Galena Creek Bridge. Specifically, the case study of the 

two Indiana steel girder bridges provided a foundation upon which to further explore the 

consequences of discontinuities in parapets for existing bridges. 

 

 



 12

2.2 Structural Health Monitoring 

Structural inspections and evaluations are integral in ensuring the longevity of 

infrastructure. As per the United States Code of Federal Regulations, typical in-service 

bridges require a routine inspections every 24 months to be performed by a certified 

engineer (CFR §650, 2021). During routine visual inspections, engineers assess and 

document damage to the structure and assign numerical values denoting the condition of 

the bridge based on the standards set by the AASHTO Manual for Condition Evaluation of 

Bridges (AASHTO, 2008, Wang, 2010).  The time between routine bridge inspections 

leaves a 24-month window in which the condition of the bridge can change. This gap in 

data collection poses a safety liability. An additional consideration of visual inspections is 

access. Physical access to every bridge component considered is required, sometimes 

requiring the use of specialized equipment, such as under bridge inspection trucks. SHM 

systems offer potential solutions to many of these shortcomings.  

The purpose of SHM systems is to provide engineers with a reliable and efficient 

way to assess the integrity of a structure in real-time. For an accelerometer-based SHM 

system, the dynamic response of a structure is quantified by measuring the global vibration 

data, also known as its modal parameters (Gunes and Gunes, 2021). The modal parameters 

of a structure are controlled by physical properties, such as stiffness, damping, and mass. 

By detecting discrepancies in the modal parameters during or after a seismic event, in situ 

SHM systems can reveal changes to the physical properties due to damage. 

Using discrepancies in modal parameters to detect damage has limitations. Factors 

such as temperature, moisture, live loads, and wind loads can also influence the dynamic 
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response of a structure. Damage to a structure needs to be sufficient such that the change 

in modal data is significantly higher than variations due to noise. Conversely, setting the 

threshold for the change in parameters too high will result in potential damage going 

unnoticed. Additionally, damage to components that are not crucial to the vibration of the 

structure could also go undetected.  

The primary modal information of any structure are the respective frequencies and 

mode shapes. Changes in the mode shape curvature, a higher derivative of mode shapes, 

are more sensitive to changes in physical properties (Gunes and Gunes, 2021). However, 

both mode shape and mode shape curvature methods of damage detection in structures 

require significant damage to incite recordable changes in data. Furthermore, accurate 

feedback requires a SHM network consisting of numerous highly precise sensors across 

the entire structure. The inefficiency of this approach makes it unsuitable for in situ 

application. A more modern, and reliable, approach to dynamic structural analysis is to 

identify changes in stiffness and flexibility. Lower frequencies modes are responsive to 

changes in stiffness and are easier for a SHM system to identify.  

2.2.1 Instrumentation: Accelerometers 

Accelerometers quantify the rate of change in velocity by converting kinetic energy 

into electric signals (Xu and Xia, 2012). Measured accelerometer data can be used to 

calculate the dynamic properties of a structure, such as displacements, natural frequencies, 

damping ratios, mode shapes, and stiffness. Several considerations must be evaluated when 

selecting and locating accelerometers for a SHM system. Ideal accelerometer placement is 

at the center of gravity of the desired component. In practice, locating the accelerometer 
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precisely at the center of gravity of a member is not feasible; therefore, it is commonly 

assumed that the dynamic behavior of a member from its center of gravity to the surface 

upon which the sensor is attached is negligible. In addition, the mass of the transducer 

should be small relative to the object of interest such that it does not interfere with the 

dynamic response, a rare issue when considering bridge structures.  

Piezoelectric and capacitance accelerometers are the two primary types of 

transducers used in practice and are identified by their method of data collection (Xu and 

Xia, 2012). The basic piezoelectric accelerometer consists of a damped spring-mass system 

connected to a piezoceramic or piezoelectric crystal, as demonstrated in  

Figure 2.1. Piezoelectric materials are transducers which generate an electrical charge upon 

experiencing internal stresses. The magnitude of the charge is directly proportional to the 

level of stress experienced by the material. The greater the deformation caused by the mass-

spring system, the higher the voltage generated. When the sensor is subject to an 

acceleration, the mass is displaced and deforms the piezoceramic material. The 

deformation, and subsequent internal stresses, of piezoceramic material converts the 

kinetic energy into an electric signal. Piezoelectric accelerometers have long service 

lifespans, but can be inefficient or inaccurate, at reading low frequencies (generally below 

1 Hz). 

 
Figure 2.1: Basic piezoelectric accelerometer schematic  
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As with the piezoelectric accelerometer, the capacitance accelerometer is a 

transducer which quantifies kinetic energy as an electric signal (Xu and Xia, 2012). 

Capacitance accelerometers contain two plates, known as electrodes, that generate a charge 

based on the distance between them. One electrode is fixed while the other is attached to 

an internal mass-spring system, as seen in Figure 2.2. The initial distance between the 

electrodes under neutral conditions provides a baseline electrical charge. During an 

acceleration, the sensor displaces the mass-spring plate which, in turn, generates a change 

in the electrical charge. The variation in change is used to quantify the acceleration 

experienced; the more the electrical charge varies, the greater the acceleration. Capacitance 

accelerometers can read true DC responses (0 Hz) and maintain accuracy through 

extremely low frequencies, making them optimal for flexible structures that typically 

exhibit long periods.   

 

Figure 2.2: Basic capacitance accelerometer schematic 

2.2.2 Applications of Accelerometers in Structural Health Monitoring 

An accelerometer-based SHM system is the optimal choice for a structure subject 

to seismic activity. The recorded data can be used to determine discrepancies in modal 

information and identify structural damage. Calculating the modal information and 

structural integrity of a reinforced concrete structure based solely on the gross cross-
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sectional area is not an accurate representation of the actual dynamic behavior (Gunes and 

Gunes, 2021). Using accelerometers to monitor the changes in seismic response is the most 

reliable method of damage detection for concrete structures. 

Gunes and Gunes (2021) demonstrated an example of accelerometers effectively 

determining the dynamic properties of concrete frames by subjecting a simple one-story 

concrete frame supported by two columns to a series of cyclical pushover tests of 

increasing amplitude. The purpose of the study was to better understand the trends between 

damage progression versus natural frequency and damping in reinforced concrete frames. 

Performing this experiment using a single degree of freedom rigid frame reduced the 

complexity of the analysis. Additionally, the SHM system was used to determine the 

location and magnitude of the damage sustained.  

The single-story test frame used for the experiment was comprised of a 2.0 m long 

beam supported at each end by two 1.5 m tall columns with fixed bases. All elements were 

0.2 m x 0.3 m rectangular cross sections and consisted of 27.5 MPa concrete and 412 MPa 

reinforcing steel (Figure 2.3). Ten pushover tests had applied story drift amplitudes ranging 

from 0.25% up to 4.0%. After each pushover test, impact vibration tests were performed, 

and the free vibration response of the structure was measured. Vibration tests were 

performed by striking the concrete frame with 5 kN instrumented sledgehammer. Eight 

uniaxial accelerometers, located along the frame, measured the dynamic response of the 

frame. An Eigensystem Realization Algorithm was used to calculate the natural 

frequencies and damping ratios using the measured data. The Damage Location Vector 

approach estimated the locations where the structural integrity was compromised.  
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Figure 2.3: Single story frame used for cyclical testing (m) 

The study was successful in using the accelerometers to interpret changes in the 

modal properties of the structure as damage progressed. As expected, the moment frame 

exhibited hairline cracking at the beam-column joints from the first pushover test. As the 

magnitude of the applied story drift increased, the cracks expanded from the joints and the 

base of the columns. It was noted that the modal frequencies of the frame decreased sharply 

with each pushover test. The frequency of mode 1 of the undamaged structure, 40.9 Hz, 

fell to 13.8 Hz by the conclusion of testing, a change of 65.8%. The damping ratio of the 

frame varied with each cycle of tests; however, a correlation between damping and damage 

progression could not be established. It was assumed the opening and closing of cracks 

during displacement was a major factor in the inconsistent damping ratios. Damage 

Location Vectors were shown to consistently detect locations where the structural integrity 

of the frame was compromised. Although this approach to damage detection was not able 

to accurately quantify the extent of the cracking, it was viable as a means to prioritize areas 

for visual inspection.  
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In situ applications of accelerometer SHM systems were also proven effective in 

detecting irregularities in modal properties, as seen in an observational study of several 

bridges in Tokyo, Japan. Japan lies on the eastern boundary of the Eurasian tectonic plate, 

making it prone to seismic activity. A research team from the University of Tokyo 

developed permanent accelerometer-based SHM systems for three bridges in the Tokyo 

area (Fujino and Siringoringo, 2011). The Rainbow Bridge, Tsurumi Fairway Bridge, and 

Yokohama Harbor Bridge were designed prior to modern advancements in seismic design 

codes. The application of SHM systems allowed engineers to evaluate the risk posed to 

these bridges from ground motions. The structures included suspension and cable stayed 

bridges that shared a similar framework: three spans supported by towers at each pier. As 

such, the accelerometer placement for the three bridges followed the same general sensor 

layout presented in Figure 2.4 and 2.5. Sensors measured acceleration in all three degrees 

of freedom and were placed at critical locations along the pier columns, tower, and deck. 

 

Figure 2.4: Elevation view of accelerometer placement 
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Figure 2.5: Plan view of bridge deck accelerometer placement 

Of the three structures considered in the study, the Yokohama Harbor Bridge, an 

860 m, three-span, cable stayed structure, was unique in its use of link bearing connections 

between the end piers and girder (Fujino and Siringoringo, 2011). The links were designed 

to reduce the transfer of forces between the superstructure and substructure, alleviating 

some of the internal forces in the pier columns. Longitudinal mode shapes, calculated using 

data collected by the SHM system, revealed discrepancies between the field data and 

expected performance. The first longitudinal mode demonstrated relatively large 

displacements, suggesting that a hinge had formed. However, the second longitudinal mode 

exhibited significantly smaller modal displacements than those predicted. The reason for 

the discrepancy from the predicted behavior was attributed to the link bearing connections 

functioning as hinges. This additional unexpected stiffness resulted in greater internal 

stresses in the columns and increased vulnerability of the superstructure to uplift. Based on 

the findings, the research team recommended seismic retrofitting by means of externally 

prestressed cables at the piers. 

Accelerometers provide insight on dynamic structural response to all forms of 

dynamic loadings, not simply seismic events. A survey of structures across Asia considered 

the Hakucho Bridge, a 720 m long suspension bridge in Muroran, Hokkaido, Japan 

(Annamdas, Bhalla and Soh, 2017). Vibration from excessive wind conditions posed a 
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danger to crossing pedestrians and motorcycles. In addition, the wind loading created 

fatigue conditions similar to those of live loads. Nineteen uniaxial accelerometers were 

installed along the centerline of the deck across Spans 1 and 2 to measure the transverse 

excitation. Sensors were spaced evenly at 55 m increments on Span 1 and 30 m increments 

on Span 2. Baseline data was collected by accelerometers in a series of wind tunnel 

experiments, revealing a quadratic relationship between wind velocity and bridge damping 

and stiffness. Using the relationship established, the dynamic behavior captured by the 

SHM system was used to calculate the physical properties in real time to detect any 

changes.  

Another location that used accelerometers was the Burj Khalifa, located in Abu 

Dhabi, Dubai. The structure is not located in an area with prolific seismic activity; however, 

the height of the Burj Khalifa makes the structure susceptible to high wind loads. Standing 

at 848 m tall, the Burj Khalifa is currently the tallest free-standing structure on the planet. 

The height of the tower introduced complex structural health concerns and required state-

of-the-art structural analysis methodologies. During construction of the Burj Khalifa, 

researchers from the University of Notre Dame installed a network of accelerometers to 

measure the sway of the structure as a result of wind loads. In addition, a global positioning 

system was installed 549 m from the base to measure displacement of the tower from its 

neutral position. Temperature gauges, humidity sensors, and anemometers document the 

environmental conditions from a weather station located 495 m from the base.  

The initial SHM system was a temporary installation until the completion of the 

tower, upon which a permanent network was installed. The permanent SHM system 

expanded capabilities, consisting of a more robust network of accelerometers. Three pairs 
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of transducers were installed at the foundation level and six pairs at floors 73, 123, 155, 

160, Tier 23A, and at the top of the pinnacle. Twenty-three sonimometers, an extremely 

sensitive and durable anemometer, monitor wind speed and direction at every terrace and 

setback floor. The SHM system can evaluate the predicted displacement of the tower 

against the actual displacement recorded by the accelerometers in real time (Annamdas, 

Bhalla and Soh, 2017). 

2.3 Finite Element Analysis 

Finite element analysis (FEA) software aids engineers in the design and analysis of 

structures. Design codes often assume linear-elastic behavior with conservative safety 

factors to avoid complex non-linear calculations (Taylor and Sanders, 2008). FEA software 

can be used to make complex design and analyses calculation more accessible, as well as 

potentially provide more accurate results. FEA simplifies challenging analyses by dividing 

complex structures and components into smaller subsections, thus resulting in more 

manageable calculations. FEA software has many functions in structural engineering, 

including designing new structures, rehabilitating existing structures, and simulating 

component behavior during failure. 

2.3.1 Applications of Finite Element Analysis in Structural Engineering 

Using FEA as a load rating tool provides quantifiable data that can used to assess 

the condition of structures. A 2010 study assessed the condition of highway bridges 

throughout Georgia to determine correlations between the condition rating assigned during 

routine inspections and the actual load capacity calculated by FEM (Wang, 2010). The goal 

of the study was to propose improvements to the bridge rating system to yield more 
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consistent and accurate evaluations. The current tolerances permitted by the AASHTO 

Manual for Condition Evaluation of Bridges can lead to the same bridge being assigned 

inconsistent safety ratings from separate inspections. The four highway bridges selected 

for the study were meant to represent a majority (up to 77%) of the Georgia Bridge 

Management System database. The bridges modeled included a straight concrete bridge, a 

skewed concrete bridge, a prestressed girder bridge, and a steel girder bridge.  

The as-inspected bridges were modeled using the commercial FE package 

ABAQUS. The capacity of the bridges was evaluated using the Georgia Department of 

Transportation (GDOT) design loads to generate an updated rating factor. The calculated 

factor was then compared to the respective rating factor assigned during the routine 

inspection. In all four bridges, the models suggested a higher load capacity than the 

inspection reports. The study concluded by proposing a refined approach using FEA 

software to assess the structural health. 

As seen in the wake of the 2008 Wenchuan earthquake, seismic events can 

incapacitate bridges by displacing the substructure footings through dynamic soil 

movements (Qiang et al., 2009). A similar challenge was observed during the 2016 

modeling of the Portage Creek Bridge in Victoria, British Columbia. A SAP2000 model 

was developed by the British Columbia Ministry of Transportation (MoTI) as part of an 

effort to rehabilitate and monitor structures vulnerable to seismic conditions (Feng, Kaya 

and Ventura, 2016). The superstructure and substructure were modeled using traditional 

frame elements and the concrete deck was input as shell elements. Ground conditions were 

represented as a link element with user-defined properties. Fixed bearings were modeled 
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as rigid link elements, while roller bearings were allowed free translation along the 

longitudinal axis.  

The dynamic properties of the Portage Creek Bridge were measured using non-

destructive ambient vibration tests and processed using the ARTeMIS software. 

Calibration of the model was done by manually adjusting the properties of the link elements 

by trial-and-error until the modal properties in SAP2000 reflected those calculated by 

ARTeMIS. By increasing the stiffness of the link elements representing roller bearings by 

more than 100% of the original value, the mode shapes of the model came within a 5.4% 

tolerance of the mode shapes of the actual bridge.  

In addition to being used for design, FEA is one of the most common methods used 

to determine and simulate modes of failure. In the aftermath of the 2008 Wenchuan 

earthquake, researchers used the LS-DYNA software to better understand the modes of 

failure of concrete bridges from seismic loads. The purpose of the study was to verify 

multiscale FEA modeling as an effective means of failure simulation as well as better 

understanding the damage inflicted during an earthquake. A multiscale approach observes 

select locations of the model at both a structural and material level (Hu et al., 2017). 

Preliminary tests consisted of creating a solid model and a multiscale model of a 

simple two-span bridge. Creating the bridge as a solid model offered a more detailed and 

thorough analysis of the structure at the cost of lower computational efficiency. Comparing 

variations in analysis results between the two models determined the effectiveness of using 

a multiscale model. The two models were subjected to modal, quasi-static, and time-history 

analysis. The results revealed that the multiscale model was marginally stiffer, resulting in 
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internal forces that were 8.7% greater than those of the solid model. The research team 

accepted the margin to be within the precision of practical engineering and decided to 

continue further tests with the simpler multiscale modeling approach. 

The second phase of this study was to simulate a four-span reinforced concrete 

bridge that collapsed during the Wenchuan earthquake using a multiscale model. Sections 

of the bridge near connections and expansion joints as solid elements, while less vulnerable 

parts were defined by frame elements. The space for expansion joints was accounted for 

and frames were connected by solid elements with user-defined properties. Soil conditions 

were not taken into consideration and ground connections were assumed as fixed. The 

models were subjected to bi-directional ground accelerations recorded during the 1999 Chi-

Chi earthquake.  

Similar to the Portage Creek Bridge, the shortest pier was the controlling element. 

Due to having relatively low ductility, the shortest pier column attracted the largest forces, 

yielded, and resulted in the subsequent instability and collapse of the remaining structure. 

Additionally, superstructure collisions between frames at the expansion joints significantly 

contributed to the forces applied at the pier columns. The study concluded that restrainers 

and energy dissipation dampers at expansion joints would significantly reduce the load 

generated by superstructure displacements.   
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CHAPTER 3. GALENA CREEK BRIDGE BACKGROUND 

3.1 Description of the Galena Creek Bridge 

The Galena Creek Bridge was constructed in Nevada as part of I-580 Freeway 

Extension Project to connect Reno and Carson City (Figure 3.1). NDOT designed the 

Galena Creek Bridge in accordance with AASHTO Standard Specifications for Highway 

Bridges, 16th Edition, including the 2000 interims (NDOT, 2006). Design loads for the 

bridge included the standard HS-25-44 truck and California P-13 permit vehicle, while the 

seismic design was based on a 475-year earthquake. The initial design plans consisted of a 

steel pilot truss arch that would serve as the framework for the cathedral arch; however, 

disputes between NDOT and the bridge contractor regarding wind loads during 

construction led to delays in development. Ultimately, the steel pilot truss approach was 

dismissed in favor of conventional falsework. Construction of the bridge began in 2008 

and was completed in 2012. 
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Figure 3.1: Galena Creek Bridge location on I-580 south of Reno, NV (Google, 2021) 

The bridge is comprised of two seven-span structures joined by a link slab (Figure 

3.2). Hinges in Spans 2 and 4 divide the structure into three frames, each with its own 

prestressing system. Both the northbound and southbound structures carry three lanes of 

traffic and experience an average daily traffic of 18,000 vehicles. Each of the 12 piers 

consists of a single rectangular box column. Span 3 of each structure, measuring 210 m, is 

supported by a cathedral arch. The bases of the arch and adjacent columns are fixed to a 

concrete thrust block that is anchored into competent bedrock. The remaining columns are 

supported by rectangular footings anchored by cast-in-drilled-holes piles of varying depth. 
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Figure 3.2: Plan view of east face of Galena Creek Bridge northbound structure
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3.1.1 Materials 

All reinforcing steel is ASTM A706 Grade 50 and all post-tensioning bars are 

ASTM A416 Grade 1860 MPa. Eight classifications of concrete, ranging in strength from 

25 MPa to 40 MPa, are used for the different components of the Galena Creek Bridge. 

Table 3.1 details each classification, strength, and application(s).  

Table 3.1: Concrete classification assignments 

NDOT Concrete 
Classification  

Strength 
(MPa) 

Application(s) 

AA 28 Abutments, Wingwalls 

AA 28 Thrust blocks, Footings 

D 25 Cast-in-drilled-hole piles 

DA 28 Pier columns 

DA 31 Bottom slab, Diaphragms, Girders 

DA 40 Bottom slab, Girders, Diaphragms over Pier 2 and 3 

EA 31 Approach slab, Barrier rails 

EA 31 Top slab, Hinges 

 

3.1.2 Superstructure 

The superstructure of each bridge consists of a two-cell reinforced concrete box 

girder that is primarily composed of 31 MPa concrete (Figure 3.3). Additional strength 

over Piers 2 and 3 is provided by the use of 40 MPa concrete for the bottom slab and 

girders. The 40 MPa concrete section begins at each hinge and extends 30.6 m towards the 

arch. The typical box girder section (Figure 3.3) varies at locations along the length of the 

structure. The thickness of the bottom slab transitions linearly from 200 mm to 600 mm 

over Piers 2 and 3 and up to 400 mm over Piers 1, 4, 5, and 6. At these locations, the 



 29

thickness of the bottom slab extrudes inwards such that the total depth of the girder remains 

constant.  

Span 3 of each bridge is 210 m long and is supported by a cathedral arch. The crown 

of the arch coincides with the midspan of Span 3. At this location, the arch extrudes 3.55 m 

into the box girder. A 2.20 m radius fillet melds the intersection of the bottom slab with 

the arch to minimize the concentration of stresses.  The depth of the box girder and the 

thickness of the bottom slab increase linearly at the junction of the arch and the 

superstructure. The girder depth increases to 3.56 m and the soffit thickness increases to 

0.40 m. Hatches, located at the columns and the arch crown, allow access between the east 

and west cells of each box.  

 

Figure 3.3: Typical cross section of the two-cell superstructure (m) 

Expansion joint hinges are located 15 m south of Pier 2 and 15 m north of Pier 3, 

dividing the bridges into three frames. Each hinge consists of an overhang and lower 

cantilever portion connected by three elastomeric bearing pads (Figure 3.4). The lower 

cantilevers are elements of Frame 2, and the overhangs are extensions of Frames 1 and 3.  
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Figure 3.4: Hinge diaphragm elevation view (m) 

Each frame possesses an internal longitudinal post-tensioning system. Additionally, 

both expansion joints are reinforced by external post-tensioning. Longitudinal post-

tensioning tendons consist of 27 strands with a diameter of 15.24 mm. Internal longitudinal 

strands are embedded in the web and walls of the box girder. The deck is transversely post-

tensioned at the abutments, hinges, and pier caps. Transverse post-tensioning tendons 

consist of four 15.24 mm strands. Post-tensioning was conducted once the concrete 

achieved a compressive strength of 24 MPa. The coefficient of friction, U, was 0.25 for 

transverse tendons and 0.20 for longitudinal tendons. All tendons are set in 10 mm deep 

anchors at and have a wobble factor, K, of 0.00066/m. Table 3.2 provides the tendon 

quantity, jacking force, and predicted losses for each frame and the deck.  

Table 3.2: Prestressing details 

 Location 
Number of  

Tendons 
Jacking Force 

(kN) 
Losses 
(MPa) 

Frame 1 9 48,300 179 

Frame 2 (Internal) 18 101,300 276 

Frame 2 (External) 6 32,600 276 

Frame 3 12 64,200 241 

Deck (Transverse) 9 812 180 
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Full height diaphragms of varying thickness (Table 3.3) provide torsional resistance 

throughout the interior of the box structure (Figure 3.5). Diaphragms are located at the 

abutments, fillets, arch crown, and midspans. Pier diaphragms coincide with the integral 

pier columns. Intermediate, fillet, and crown diaphragms provide additional stiffness. Fillet 

diaphragms mark where the superstructure connects with the arch. A crown diaphragm is 

located 6.75 m from the crown of the arch on both sides. A single intermediate diaphragm 

is located close to the midspan of every span, with the exception of Span 3. Span 3 has two 

intermediate diaphragms located between the fillet diaphragms and the adjacent pier 

diaphragms. 

Table 3.3: Diaphragm thicknesses 

Diaphragm 

Type 

Thickness 

(m) 

Abutment 1.60 

Crown 0.30 

Fillet 0.50 

Intermediate 0.25 

Pier 3.60 

Hinge Upper 2.45 

Hinge Lower 3.25 

 

 

Figure 3.5: North fillet diaphragm at Span 3 of northbound structure 
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Additional superstructure elements include the link slab and concrete barrier rails. 

The 0.20 m thick link slab connects the northbound and southbound structures between the 

two hinges. The link slab runs the entire length of Frame 2 and is integral with the 

superstructure. This connection between the twin bridges provides lateral resistance by 

distributing loads between the two structures. Concrete barrier rails, flush with each end of 

both decks, were cast after the prestressing was completed. The barrier rail has intermittent 

expansion joints along the length of the superstructure. Each barrier rail is 1.07 m tall and 

has a linear weight of 6.503 kN/m. 

3.1.3 Substructure 

Both the northbound and southbound structures of the Galena Creek Bridge are 

seven spans and supported by six single-column piers of varying heights (Table 3.4). The 

hollow rectangular piers have exterior dimensions of 6.0 m x 3.0 m, interior dimensions of 

4.0 m x 1.8 m, and 0.15 m chamfers in each corner. The columns are oriented with the 

6.0 m face, transverse to the centerline of the bridge, to increase resistance to lateral forces. 

The cross-sectional dimensions of the columns are uniform while the steel reinforcement 

varies between the pier columns based on the expected shear and flexural demands 

(NDOT, 2006). Piers not connected to the cathedral arch sit on 14.0 m x 13.42 m x 2.75 m 

footings with 12 cast-in-drilled-hole piles having a diameter of 1.22 m. The depth of the 

piles varies because each was dug to competent bedrock. 
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Table 3.4: Column heights 

Pier 

Number 

Northbound 
Structure 

(m) 

Southbound 
Structure 

(m) 

1 19.189 16.622 

2 38.047 38.049 

3 38.769 38.769 

4 34.402 19.983 

5 31.277 22.158 

6 23.935 16.458 

 

 The hollow rectangular cathedral arch supporting Span 3 has exterior dimensions 

of 6.0 m x 3.6 m and interior dimensions of 5.2 m x 2.8 m with 0.35 m chamfers. The 

interior of the arch is accessed using a manhole from the box girder. Thrust blocks anchor 

the bases of the arch to the bottom of the columns at Piers 2 and 3. The footings for Piers 2 

and 3 have dimensions of 15.65 m x 12.0 m x 2.0 m and 18.05 m x 12.0 m x 2.0 m, 

respectively. Footings for both piers are angled at 36°52’12” towards the arch and fixed to 

the bedrock using 12 steel anchors. The thrust blocks of both piers are connected by a 

4.0 m x 6.0 m link beam to further resist lateral loads.  

3.1.4 Bearings 

Reinforced elastomeric bearing pads are located at the abutments and expansion 

joints to permit translation of the superstructure. Each of these locations have three bearing 

pads spaced at 2.88 m, with the middle bearing aligned with the centerline of the 

superstructure. All bearings are composed of 60 durometer elastomer and reinforced by 

alternating layers of elastomer with 2.0 mm thick steel plates. The hinge bearings have a 
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length of 0.71 m, transverse width of 0.76 m, and a height of 0.29 m. The length, width, 

and height of the abutment bearings are 0.64 m x 0.64 m x 0.12 m, respectively.   

3.2 Previous Galena Creek Bridge Research 

3.2.1 Taylor & Sanders, 2008 

Taylor and Sanders of the University of Nevada Reno conducted the first research 

on the Galena Creek Bridge in 2008. The purpose of the first UNR study was to perform a 

non-linear time-history seismic analysis of the Galena Creek Bridge using SAP2000 v.14 

(Taylor and Sanders, 2008). The results of the non-linear analysis were compared to the 

response spectrum from the original bridge design to better understand the dynamic 

properties of the structure. The original scope of the study was to install 108 strain gages 

with thermistors to the steel pilot truss arch to document the response to thermal stimuli 

during the construction.  Due to constructability complications, construction was delayed, 

and the contractor opted for traditional formwork. The construction monitoring project was 

retired, and the focus became to better understand the dynamic behavior of the bridge under 

seismic excitation using a FEM. 

The bridge was modeled in SAP2000 using predominantly two-dimensional frame 

elements. Gap and hook elements were used to simulate the non-linear behavior of the 

bearings at the hinges and abutments. Elastic-perfectly-plastic non-linear link elements 

simulated soil conditions. To determine the dynamic response, the model was subjected to 

time-history accelerations along all three axes. However, one of the challenges faced by 

the research team was limited ground motion data available for seismic activity in Walker 

Lane. The model was subjected to seven unique ground motions, as proposed by FEMA, 
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meant to simulate seismic activity of the area. The ground motions selected ranged from 

magnitude 6.0 to 7.8. The average response from the seven unique ground motions was 

used to determine the most likely structural behavior. 

Non-linear time-history analysis was shown to be an effective method to observe 

the seismic response of the structure. The mode of failure for the column and arch members 

was flexure due to their large unbraced lengths. Moment curvature plots were used to 

observe plastic hinging behavior of the bridge substructure and Takeda hysteresis models 

were used to determine the moment-rotation response. A non-linear response spectrum was 

then calculated by scaling linear-elastic response spectrums based on factors from the 

Federal Emergency Management Agency (FEMA) 356 design code. Taylor proposed that 

this more elaborate method of analysis be reserved for complex structures. Simply by 

applying several modification factors, the elastic response provided reasonable 

conservative estimates of the behavior from elastic response spectrum analysis.  

3.2.2 Carr & Sanders, 2013  

During a second study by UNR in 2013, Carr and Sanders used a SHM system in 

conjunction with an FEM to document the dynamic properties of the completed Galena 

Creek Bridge (Carr and Sanders, 2013). The SHM system consisted of a series of 

accelerometers located along the southbound superstructure. Data was collected from a 

series of field tests to determine the modal properties of the finished structure. A modal 

analysis was used to establish the accelerometer placement along Frame 2. Four uniaxial 

sensors and four biaxial sensors were attached to the deck at 30 m intervals. Five triaxial 

sensors were situated at the bottom and top of the piers adjacent to the arch and the crown 
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of the arch.  The blue stars in Figure 3.6 mark the superstructure sensors and the orange 

rhombus mark the substructure sensors. A FEM of the Galena Creek Bridge was developed 

in SAP2000 v14.2.4 and calibrated to simulate the behavior of the structure. 

 

Figure 3.6: The superstructure (blue) and substructure (orange) accelerometer placement 

Two series of field tests were conducted to test the system: vertical and transverse 

loadings. For the first set of tests, a Volvo A40F truck crossed the bridge at varying speeds 

as well as driving over a 0.15 m ramp to measure the bridge response to vertical excitation. 

The first test had the truck traverse the ramp slowly to simulate a single static point load. 

Following the static tests, the experiments were conducted with the truck crossing the 

bridge at constant velocities of 22.4, 33.6, and 55.9 m/s The second set of tests applied a 

transverse excitation to the bridge by mounting an eccentric mass shaker to the link slab 

that connects the northbound and southbound structures. The measured acceleration data 

from all tests were compared to the behavior of the SAP2000 models.  

The SAP2000 model was primarily defined using 2-D frame elements. The 

expansion joints between the hinges were modeled using link elements that restricted 

translation in the transverse and vertical directions and limited rotation about the 

longitudinal axis. The link slab connecting the northbound and southbound structures was 
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replicated using rigid link and shell elements. Post-tensioning was simulated using external 

loads applied to the structure. The behavior of the SAP2000 model was limited to fully 

elastic because of the computational resources associated with a non-linear analysis. 

Comparing the frequencies of the primary mode shapes between the FEM and the 

measured field data revealed that the model typically underpredicted the peak accelerations 

from the truck experiments. Carr proposed that the discrepancies were a result of 

difficulties simulating truck loads on the SAP2000 model and predicted that a single degree 

of freedom system to model the truck loading would produce more accurate results. 

3.2.3 Falkensammer, 2018 

The primary purpose of the 2018 Galena Creek Bridge study was to finalize the 

sensor type for the seismic monitoring system, determine sensor locations, and begin 

development of a FEA model of the structure (Falkensammer, 2018). Further, the study 

proposed a secondary SHM system to expand the reliability and capabilities of the primary 

seismic SHM system for additional signal types and load responses. Although the 

accelerometers had been proven as an effective seismic SHM system through their use in 

the NSMP, the inclusion of additional sensors would generate a more comprehensive report 

on the condition of the bridge, providing a more complete SHM test-bed for NDOT.  

A major focus of the initial research was the development of a FEA model using 

CSiBridge. The ultimate purpose of the model was to calibrate it to field measured data. 

The initial model was defined using the Bridge Wizard tool to expedite the modelling 

process. Additional modelling considerations, such as the link slab and arch, were 

incorporated after the Bridge Wizard inputs. The superstructure and link slab were defined 
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as shell elements, while the pier columns and arches were modelled as frame elements. As 

with the SAP2000 model from the UNR study, the future wearing surface (FWS) and 

barrier rail were applied as external loads to the superstructure. To confirm the validity of 

the initial modelling procedure, the dead load of the structure, as computed in CSiBridge, 

was compared to hand calculations. The calculated self-weight was 499.0 MN compared 

to the 502 MN extracted from CSiBridge; a difference of only 0.6%.  

The primary mode shapes and modal periods from the CSiBridge analyses were 

compared to the 2013 UNR model. It was noted that the periods for the primary modes 

about all three axes were lower than those of the SAP2000 model, suggesting that initial 

model had an increased stiffness. The boundary conditions of the model were revaluated 

to determine the reason for the increased stiffness. It was noted that the shear keys at the 

abutments restricted transverse displacement but permitted longitudinal translation due to 

the elastomeric bearings. As such, the abutment restrictions were shifted from fully-fixed 

bearings to allowing displacement about the longitudinal axes. The bearings connecting 

the frames were also reconsidered for the final model. The bearing stiffnesses were 

calculated and assigned to the links connecting the frames to better model the connection 

between bridge frames. The adjustments had the intended effect of increasing the modal 

periods throughout, resulting in an average of 6.2% difference between the top transverse 

modes of the CSiBridge and SAP2000 models. The study concluded by recommending 

further research to improve the modelling techniques and the understanding of the dynamic 

properties of the Galena Creek Bridge, leading to the current research.  
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3.3 Nevada Department of Transportation Reports 

3.3.1 Bridge Inspection Report, 2018 

Routine bridge inspections of the Galena Creek Bridge are performed by NDOT 

personnel every 24 months (CFR §650, 2021). Visual inspections and non-destructive 

testing are used to evaluate the condition of the bridge elements. Due to the size and 

location of the bridge, inspections require the use of under bridge inspection units (UBIT), 

ladders, and rope access climbing methods. The bridge is situated several hundred meters 

over the Galena Creek; however, the waterway does not impact the footings; as such, 

degradation measurements are not required. The underground cast-in-place piles were not 

evaluated during routine inspections. Both the northbound and southbound structures were 

given a “low risk” rating. Superficial cracking, light efflorescence, minor spalling, and 

some exposed rebar did not demonstrate notable impact to the structural integrity. The 

inspection report was reviewed on 08/08/2018 and sealed by an NDOT Professional 

Engineer on 12/31/2018. Note that although the original bridge design was in metric, 

inspection reports are documented using imperial (US) units.  

The top flange soffit exhibited transverse cracking with efflorescence throughout 

both bridges. The cracks were generally hairline cracks, expanding up to 3 mm wide.  

Efflorescence staining was also noted at cracks originating from construction joints. An 

exposed epoxy coated rebar with minor rusting was noted at the underside of the overhang 

in Span 2 of the northbound structure. The exterior and interior girders, similarly, had 

transverse hairline cracking with efflorescence throughout. Diagonal shear cracking up to 
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1 mm wide was noted at pier and hinge locations. The east exterior girder exhibited more 

prolific cracking than the west girder, likely due to exposure to ultraviolet light. 

Longitudinal cracking was noted throughout the interior of the bridge arches, most 

notably at the thrust blocks. Arch diaphragms exhibited vertical cracking along the full 

height of the section. Vertical cracks up to 1 mm wide were noted at the fillet where the 

arch meets the superstructure. Pier columns showed signs of shrinkage cracking up to 1 mm 

wide and moderate honeycombing up to 6 mm deep. Hairline cracking was sporadic on 

both the interior and exterior of the pier columns. Spalls up to 25 mm deep stemmed from 

construction joints. Piers 5 and 6 had ponding water up to 20.3 cm deep, most likely a result 

of groundwater infiltration. Both abutments displayed isolated hairline cracks along the 

backwall and wingwalls. Expansion joints, hinges, and drainpipes accumulated typical 

debris that did not hinder the intended functions.  

Although several sprinkler heads appeared slightly depressed, the ice removal system 

was not tested. Maintenance to be performed before the next inspection included cleaning 

the deck drains, cleaning the expansion joints, and replacing the preformed joint filler. The 

hinge crawl space was also to be cleaned and covered to avoid the buildup of further debris. 

Further suggested maintenance included replacing the chain link fence situated on the 

concrete barrier, re-applying a protective coating to the substructure, and patching any 

spalls. 

3.3.2 Load Rating Report, 09/13/2016 

A load rating report of the superstructure was performed by NDOT using SAP2000, 

WinBDS 5.0.3, and PTRater 4.2 based on the 05/22/2014 bridge inspection report. The live 
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loads used for the analysis were the AASHTO HS20-44 truck and lane loads as well as 

California permit vehicles P5, P9, and P13. The rating factors for P7 and P11 trucks were 

interpolated based on the results of the evaluated California permit vehicles. The results of 

the load rating analysis, as shown in Table 3.5 and 3.6, state that the bridge has sufficient 

strength to carry the designated live loads. In addition, it should be noted that the mode of 

failure for each case was flexure. 

Table 3.5: Inventory Vehicle Load Rating Results 

Vehicle Rating Factor Method of Failure 

HS20-44 1.37 Flexure 

 

Table 3.6: Operating Vehicle Load Rating Results 

Vehicle Rating Factor Method of Failure 

HS20-44 2.29 Flexure 

P5 2.88 Flexure 

P7 2.28 Flexure 

P9 1.67 Flexure 

P11 1.45 Flexure 

P13 1.23 Flexure 



 42

CHAPTER 4. STRUCTURAL HEALTH MONITORING SYSTEM 

4.1 Introduction  

As part of the National Strong Motion Project, the United States Geological Survey 

(USGS) installed an accelerometer-based SHM system at 28 hospitals and two university 

campuses to monitor the building response to seismic activity. This proven system was 

adapted for a bridge application and implemented on the Galena Creek Bridge. A network 

of uniaxial accelerometers served as the foundation for the primary seismic SHM system. 

The accelerometers were located throughout the structure, as seen in Figure 4.1, based on 

modal analyses of the bridge. The selected layout provided a comprehensive image of the 

dynamic response.  

A secondary exploratory SHM system was developed that consisted of four 

potentiometers, two inclinometers, an anemometer, and two temperature gauges. The 

sensors were installed on the bridge, as seen in Figure 4.2.  The secondary system was 

designed to be used in conjunction with the accelerometers to provide additional data on 

the bridge response during seismic events as well as from routine traffic and environmental 

effects. All sensors for both systems were connected by wires to data recording systems 

stored inside a de-icing utility shed located adjacent to the bridge (Figure 4.3). The 

manufacturer specification sheets for the sensors listed in this chapter are available in 

Appendix B. 
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Figure 4.1: Primary seismic SHM system uniaxial accelerometer locations on the Galena Creek Bridge 
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Figure 4.2: Secondary exploratory SHM system sensor locations on the Galena Creek Bridge 
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Figure 4.3: Utility shed located south of the southbound structure 

4.2 Primary Seismic System 

4.2.1 Accelerometers 

The primary network of sensors consisted of 33 Kinemetrics EpiSensor ES-U2 

uniaxial accelerometers (Kinemetrics, 2021). Designed to produce low levels of self-noise, 

the selected accelerometers are intended for SHM applications. The sensors are capable of 

recording accelerations between ±0.25g and ±4.00g and vibrations ranging from 1 Hz to 

200Hz, providing the option to select the limits. Each sensor measures 55 mm x 65 mm x 

97 mm and weighs 0.35 kg (Figure 4.4). The ES-U2 were designed for use in rugged 

conditions, housed in a watertight enclosure and an operating temperature range 

between -20° and 70°C.  
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Figure 4.4: Kinemetrics ES-U2 accelerometer 

Previous Galena Creek Bridge research by UNR utilized uniaxial, biaxial, and 

triaxial accelerometers (Carr and Sanders, 2013). The exclusive use of uniaxial 

accelerometers was the optimal choice for this project. Uniaxial sensors are more cost 

effective than their more complex counterparts. In the case of sensor failure, the cost to 

replace a single unit is significantly lower for a uniaxial accelerometer. Additionally, 

failure of a triaxial sensor would result in a complete loss of data from that location. Should 

a uniaxial accelerometer stop functioning, the other sensor(s) at that location would 

continue to provide feedback, mitigating potential data loss. Finally, most sensor locations 

did not require acceleration measurements along all three axes; therefore, use of uniaxial 

accelerometers resulted in the most efficient and flexible system design. 

Accelerometers were located throughout the Galena Creek Bridge to capture critical 

responses during a seismic event (Table 4.1). The number of sensors and orientation 

(i.e., longitudinal, transverse, and vertical) at each location were optimized to collect 

relevant data to inform engineers and inspectors of the bridge condition. Sensors were 
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typically located at the top and bottom of piers, arch section, and along the length of the 

superstructure (Figure 4.1). 

 Longitudinal sensors were located at the top and bottom of Piers 1 through 4 and the 

crown of the arch. Frame 1 is supported by Pier 1 which has a column height of 19.189 m, 

marking it as the shortest column of the bridge. As previously discussed, shorter columns 

often result in high internal stresses and greater accelerations transferred to the 

superstructure. Conversely, Piers 2 and 3 are the tallest columns of the structure and are 

expected to experience the largest displacements. 

Vertical sensors were located at the bottom of Piers 2 through 4 as well as at the 

midspan of Spans 1 and 4, arch-superstructure merge, and halfway between the merges and 

adjacent piers (Figure 4.1). The locations along the superstructure furthest from the 

substructure components are most prone to vertical displacements. Discrepancies between 

the sensors at the bottom of the piers and the free-field site may indicate that the 

substructure foundations have been compromised.  

The Galena Creek Bridge is most vulnerable to lateral forces because the structure is 

the most flexible in the transverse direction. Therefore, transverse sensors were located at 

every accelerometer location.   
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Table 4.1: Accelerometer location and orientation 

Sensor Number Direction Location 

1 Transverse 
Top of Pier 1 

2 Longitudinal 

3 Transverse 
Bottom of Pier 1 

4 Longitudinal 

5 Vertical 
Midspan of Span 2 

6 Transverse 

7 Transverse 
Top of Pier 2 

8 Longitudinal 

9 Vertical 

Bottom of Pier 2 10 Transverse 

11 Longitudinal 

12 Vertical Midspan between Pier 2 and 
south merge 13 Transverse 

14 Vertical South arch/superstructure 
merge 15 Transverse 

16 Transverse 
Crown of Arch at Span 3 

17 Longitudinal 

18 Vertical North arch/superstructure 
merge 19 Transverse 

20 Vertical Midspan between Pier 3 and 
north merge 21 Transverse 

22 Transverse 
Top of Pier 3 

23 Longitudinal 

24 Vertical 

Bottom of Pier 3 25 Transverse 

26 Longitudinal 

27 Vertical 
Midspan of Span 4 

28 Transverse 

29 Transverse 
Top of Pier 4 

30 Longitudinal 

31 Vertical 

Bottom of Pier 4 32 Transverse 

33 Longitudinal 
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4.2.2 Sensor Installation and Wiring 

Accelerometers were installed at 15 locations along the northbound structure. A 

30.5 cm x 30.5 cm x 0.7 cm anodized aluminum plate was fabricated for each of the 

15 locations (Figure 4.5). Up to three sensors could be attached to each plate to measure 

acceleration in all three axes (Figure 4.6). The plates were attached to the interior walls of 

the structure using concrete anchor screws. The concrete surface was not smooth; therefore, 

the plate provided a flat surface to mount the accelerometers. In addition, the plate was 

designed with slotted holes to facilitate leveling to ensure the sensors were accurately 

aligned in each direction. Each accelerometer was then be mounted to the plate in the 

desired orientation using hex nut screws. The final step was leveling all sensors to ensure 

accurate measurements.  

The sensors were connected to the data recorder by 15 primary cables (i.e., one to 

each sensor location throughout the bridge). The cables were routed through PVC conduits 

that extend from the north wall of the utility shed, along the wingwall and face of Abutment 

1 (Figure 4.7), and through the bottom slab of Span 1 (Figure 4.8). The cables were 

suspended along the length of the structure on L-shaped brackets mounted to the east girder 

of the box, until the desired sensor location (Figure 4.9). Terminal blocks were used to 

connect each accelerometer to the primary cable (Figure 4.10). Each primary cable 

contained wires to connect up to three sensors using the terminal block, although not all 

sensor locations (Figure 4.1) required three accelerometers. 
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Figure 4.5: Aluminum plate for mounting accelerometers 

 

 

Figure 4.6: Example of plate with three sensors at bottom of Pier 4 
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Figure 4.7: PVC conduits along the face of Abutment 1 

 

 

Figure 4.8: PVC conduit extruding through the bottom slab near Abutment 1 
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Figure 4.9: Typical cables running along the east girder of the superstructure 

 

 

Figure 4.10: Typical connection between primary and sensor cables via terminal block 

TERMINAL BLOCK 

SENSOR 
CABLES PRIMARY 

CABLES 
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4.3 Secondary Exploratory System 

The USGS installed seismic SHM systems at 28 hospitals and two universities as 

part of the National Strong Motion Project, successfully demonstrating accelerometer-

based SHM systems. Development of a secondary exploratory SHM system further 

expanded the scope of the primary SHM system by adding additional sensor types to 

measure additional responses. The secondary system consists of displacement, tilt, 

temperature, and wind sensors. 

4.3.1 Displacement sensors 

UniMeasure HX-P510 string potentiometers (Figure 4.11) were installed on the 

Galena Creek Bridge to observe longitudinal displacement between the Frame 1 

superstructure and adjacent components during both seismic activity and routine thermal 

expansion and contraction (UniMeasure, 2021). Monitoring the expansion joints reveals if 

the bearings at the hinges and abutments are functioning as intended. The displacement 

sensor dimensions and weight are 120 mm x 74 mm x 74 mm and 900 g, respectively. Each 

sensor contains a 0.4 mm diameter string that extends along a single axis up to 2.0 m. The 

transducer records variations in the extension and retraction of the string with a typical 

margin of error of ±0.3%. The HX-series are designed for rugged, field environments. The 

sensors are made to function within -40° and 85°C and are resistant to water and corrosion. 
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Figure 4.11: UniMeasure HX-P510 Series Linear Potentiometer 

A pair of displacement sensors were attached the face of Abutment 1 to measure 

the longitudinal displacement of Frame 1 relative to Abutment 1, as seen in Figure 4.12. 

The sensors were mounted on the face of the abutment at each side of the bottom slab of 

the box girder. They were oriented such that the string lay parallel to the superstructure, 

approximately 20 cm below the bottom slab. The potentiometer string was attached to a 

custom mounting bracket that was installed on the underside of the bottom slab of the 

bridge.  
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